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KARL TERZAGHI

Karl Terzaghi, born October 2, 1883 in Prague and
died October 25, 1963 in Winchester, Massachusetts, is
r generally recognized as the Father of Soil Mechanics.
His early professional life was spent in a search for a
rational approach to earthwork engineering problems.
His efforts were rewarded with the publication in 1925
of his famous book on soil mechanics: this publication
is now credited as being the birth of soil mechanics.
Between 1925 and 1929, Terzaghi was at M.LT.
initiating the first U.S. program in soil mechanics and
causing soil mechanics to be widely recognized as an
important discipline in civil engineering. In 1938 he
joined the faculty at Harvard University where he
developed and gave his course in engineering geology.
Terzaghi’s amazing career is well documented in the
book From Theory to Practice in Soil Mechanics (Wiley,
1960). All of Terzaghi’s publications through 1960
(256) are listed in this book. Terzaghi won many honors,
including the Norman Medal of the American Society
of Civil Engineers in 1930, 1943, 1946, and 1955.
Terzaghi was given nine honorary doctorate degrees
coming from universities in eight different countries.
He served for many years as President of the Inter-
national Society of Soil Mechanics and Foundation
Engineering. ..
Not only did Terzaghi start soil mechanics but he
exerted a profound influence on it until his death.
Two days before he died he was diligently working on a
professional paper. Terzaghi’s writings contain signi-
ficant contributions on many topics, especially con-
solidation theory, foundation design and construction,
cofferdam analysis, and landslide mechanisms. Probably
- Terzaghi’s most important contribution to the profession
was his approach to engineering problems, which he
taught and demonstrated.
To commemorate Terzaghi’s great work, the American
Society of Civil Engineers created the Terzaghi Lecture
and the Terzaghi Award.

4




PREFACE

Soil Mechanics is designed as a text for an introductory course in soil mechanics. An intensive
effort was made to identify the truly fundamental and relevant principles of soil mechanics and to
present them clearly and thoroughly. Many numerical examples and problems are included to illus-
trate these key principles. This text has been used successfully both in an introductory undergraduate
course and in an introductory graduate course. Although Soil Mechanics has been written principally
for the student, practicing engineers should find it valuable as a reference document.

The book is divided into five parts. Part I describes the nature of soil problems encountered in civil
engineering and gives an overall preview of the behavior of soil. Part II describes the nature of soil,
especially the transmission of stresses between soil particles. Part IIT is devoted primarily to dry soil
since many aspects of soil behavior can best be understood by considering the interaction of soil
particles without the presence of water. Part IV builds upon the principles given in Parts IT and III to
treat soils in which the pore water is either stationary or flowing under steady conditions. Part V
considers the most complex situation in soil mechanics, that wherein pore pressures are influenced by
applied loads and hence the pore water is flowing under transient conditions. This organization of the
book permits the subject matter to be presented in sequential fashion, progressively building up to the
more complex principles. ‘ R

Parts 111, IV, and V all have the same general format. First there are several chapters that set forth
the basic principles of soil behavior. Then follow several chapters in which these principles are applied
to the practical analysis and design of earth retaining structures, earth slopes, and shallow foundations.
For example, chapters concerning shallow foundations appear in Part III, Part TV, and Part V.
Special chapters on deep foundations and soil improvement appear at the end of Part V. These
problem-oriented chapters illustrate the blending of theory, laboratory testing, and empirical evidence
from past experience to provide practical but sound methods for analysis and design. Soil Mechanics

- does not attempt to cover all the details of these practical problems; numerous references are provided

to guide the student in additional study.

Soil Mechanics deliberately includes far more material than can or should be covered in a single
introductory course, thus making it possible for the instructor to choose the topics to be used to
illustrate the basic principles. We have found that numerical examples of practical problems should be
introduced very early-in an introductory course in soil mechanics—preferably within the first eight
periods. Thus we organize the early portion of our courses as follows: .

I Part Iis covered in two lectures, giving students motivation for the study of soil mechanics and an
understanding of the organization of the course. v

2. Chapter 3 is covered in detail, but Chapters 4 to 7 are surveyed only hastily. As questions arise
later in the course, reference is made to the material in these chapters.

3. Chapter 8 describes several basic methods for calculating and displaying the stresses; students
must master these techniques. Chapters 9 to 12 contain certain key concepts concerning soil behavior
plus descriptive matter and tables and charts of typical values. These chapters may be covered rapidly,
stressing only the key concepts. Then the student is ready for an intensive study of retaining structures
(Chapter 13) and shallow foundations (Chapter 14). Three or four periods may profitably be spent on
each chapter. Chapter 15 serves to introduce the increasingly important problem of soil dynamics, and
serves as supplementary reading for an introductory course.

4. In Chapter 16 the definition and manipulation of effective stress is emphasized and the me-
chanistic interpretation of effective stress serves as supplementary reading. The depth of study of
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Chapters 17 to 19 will vary with the treatment given this topic in other courses such as fluid mechanics.
Chapters 20 to 22 are largely descriptive and may be studied quickly with emphasis on the main
features of soil behavior. This again leaves time for a detailed study of topics from Chapters 23 to 25.
The choice of topics will depend on the interests of the instructor and the material to be covered in
later courses. We attempt to cover only portions of two of the three chapters.

5. Chapters 26 and 27 contain key concepts and computational procedures and detailed coverage
is needed for comprehension. Similarly, detailed coverage of Chapter 28 is required to give under-
standing of the key connection between drained and undrained behavior. Chapters 29 and 30 are
largely descriptive and can be covered quickly leaving time for detailed study of selected topics from the
remaining chapters.

The material not covered in an introductory course will serve to introduce students to more ad-
vanced courses and can be used as reference material for those courses.

As the reader will see, our book presents photographs of and. biographical data on six pioneers in
soil mechanics. These men have made significant contributions to soil mechanics knowledge and have
had a major impact on soil mechanics students. There is a second generation of leaders whose works
are having and will have an impact on soil mechanics. The extensive references in our book to the
works of these people attest to this fact.

We thank the many authors and publishers for permission to reproduce tables and figures. The
Council of the Institution of Civil Engineers granted permission to reproduce material from Géo-
technique.

The early stages of the preparation of this text was supported in part by a grant made to the Massa-
chusetts Institute of Technology by the Ford Foundation for the purpose of aiding in the improvement
of engineering education. This support is gratefully acknowledged. We thank Professor Charles L.
Miller, Head of the Department of Civil Engineering, for his encouragement in the undertaking of
this book. We also acknowledge the contributions of our many colleagues at M.1.T. and the important
role of our students who subjected several drafts to such careful scrutiny and criticism. Special
recognition is due Professors Charles C. Ladd and Leslie G. Bromwell who offered comments on
most of the text. Professor Bromwell contributed revisions to Part If and to Chapter 34. Professor
John T. Christian helped considerably with theoretical portions of the text, as did Dr. Robert T.
Martin on Part 11 and Dr. David D’Appolonia on Chapters 15 and 33. Professor James K. Mitchel]
of the University of California (Berkeléy) contributed valuable comments regarding Part 11, as did
Professor Robert L. Schiffman of the University of lllinois (Chicago) regarding Chapter 27. Finally,
we thank Miss Evelyn Perez and especially Mrs. Alice K. Viano for their indefatigable and meticulous
typing of our many drafts.

T. William Lambe

Robert V. Whitman
MIT
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DONALD WOOD TAYLOR : -

L o bin

Donald Wood Taylor was born in Worcester, Massachusetts in 1900 and died in
Arlington, Massachusetts on December 24, 1955. After graduating from Worcester
Polytechnic Institute in 1922, Professor Taylor worked nine years with the United
States Coast and Geodetic Survey and with the New England Power Association. In
1932 he joined the staff of the Civil Engineering Department at M.LT. where he re-
mained until his death. ‘

Professor Taylor was active in both the Boston Society of Civil Engineers and the
American Society of Civil Engineers. Just prior to his death he had been nominated
for the Presidency of the Boston Society. From 1948 to 1953 he was International
Secretary for the International Society of Soil Mechanics and Foundation Engineering.

Pro.essor Taylor, a quiet and unassuming man, was highly respected among his
peers for his very careful and accurate research work. He made major contributions
to the fundamentals of soil mechanics, especially on the topics of consolidation, shear
strength of cohesive soils, and the stability of earth slopes. His paper “Stability of
Earth Slopes” was awarded the Desmond Fitzgerald Medal, the highest award of the
Boston Society of Civil Engineers. His textbook, Fundamentals of Soil Mechanics,
has been widely used for many years.
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PART I

Introduction

Part I attempts to motivate the beginning student and
alert him to the few really fundamental concepts in soil
‘mechanics. Chapter 1 gives a general picture of civil
engineering problems that can be successfully attacked

by using the principles of soil mechanics. Chapter 2
describes, in terms familiar to the budding engineer, the
essential principles that are covered in detail in the main
portion of the book.




CHAPTER 1

Soil Problems in Civil Engineering

In his practice the civil engineer has many diverse and
important encounters with:;oil. He uses soil as a founda-
tion to support structures and embankments; he uses
soil as a construction material; he must design structures
to retain soils from excavations and underground open-
ings; and he encounters soil in a number of special
problems. This chapter deals with the nature and scope
of these engineering problems, and with some of the terms
the engineer uses to describe and solve these problems.
Several actual jobs are described in order to illustrate the
types of questions that a soil engineer must answer.

1.1 FOUNDATIONS

Nearly every civil engineering structure—building,
bridge, highway, tunnel, wall, tower, canal, or dam—
must be founded in or on the surface of the earth. To
perform satisfactorily each structure must have a proper
foundation. :

When firm soil is near the ground surface, a feasible
means of transferring the concentrated loads from the
walls or columns of a building to the soil is through
spread footings, as illustrated in Fig. 1.1. Anarrangement
of spread footings is called a spread foundation. In the
past, timber or metal grillages, cobble pads, etc., were
used to form spread footings, but today footings almost
invariably are of reinforced concrete.

¢ Building

Spread footing

Fig. 1.1 Building with spread foundation.

When firm soil is not near the ground surface, a com-
mon means of transferring the weight of a structure to
the ground is through vertical members such as pifes
(Fig. 1.2), caissons, or piers. These terms do not have
sharp definitions that distinguish one from another.
Generally, caissons and piers are larger in diameter than
piles and are installed by an excavation technique, where-
as piles are installed by driving. The weight of the build-
ing is carried through the soft soil to firm material below
with essentially no part of the building load being applied
to the soft soil.

Building

] - — = hjx-PiIe cap
HW T 1 ) W L Pile

Soft soil

I3

K A\W\W\W UW\V/A‘\\ A JH\W‘W/X ZINZ/N

Rock

Fig. 1.2 Building with pile foundation.

There is much more to successful foundation engineer-
ing than merely selecting sizes of footings or choosing the
right number and sizes of piles. In many cases, the cost
of supporting a building can be significantly reduced by

3




4 PART I INTRODUCTION

applying certain treatments to the soil. Further, some
structures, such as steel storage tanks, can be supported
directly on a specially prepared pad of soil without the
benefit of intervening structural members. Thus the
word foundation refers to the soil under the structure as
well as any intervening load carrying member, i.e.,
foundation refers to the material whose behavior the civil
engineer has analyzed in order to provide satisfactory and
economical support for the structure. Indeed, the word
foundation is used to describe the material that supports
any type of engineering structure such as building, dam,
highway embankment, or airfield runway. In modern
usage, the term shallow foundation is used to describe an
arrangement where structural loads are carried by the
soil directly under the structure, and deep foundation is
used for the case where piles, caissons, or piers are used
to carry the loads to firm soil at some depth.

In the design of any foundation system, the central
problem is to prevent settlements large enough to damage
the structure or impair its functions. Just how much

settlement is permissible depends on the size, type, and

use of structure, type of foundation, source in the subsoil
of the settlement, and location of the structure. In most
cases, the critical settlement is not the total settlement but
rather the differential settlement, which is the relative
movement of two parts of the structure.

In most metropolitan areas of the United States and
Western Europe, owners of buildings usually are un-
willing to accept settlements greater than a few inches,
since unattractive cracks are likely to occur if the settle-
ments are larger. For example, experience has shown
that settlements in excess of approximately 5in. will

cause the brick and masonry walls of buildings on the
M.LT. campus to crack.

However, where soil conditions are very bad, owners
sometimes willingly tolerate large settlements ,with
resulting cracking in order to avoid very significant
additional costs of deep foundations over shallow ones.
For example, along the waterfront in Santos, Brazil,
15-story apartment buildings are founded directly upon
softsoil. Settiements aslarge as 1 ft are common. Cracks
in thesc buildings are apparent, but most of them have
remained in continuous use.

Perhaps the classic case of bad foundation conditions
exists in Mexico City. Here, for example, one building,
the Palace of Fine Arts, shown in Fig. 1.3, is in continuous
use even though it has sunk 12 ft into the surrounding
soil. Where a visitor used to walk up steps to the first
floor, he must now walk down steps to this floor because
of the large settlement.

With structures other than buildings, large settlements
often are tolerated. Settlements as large as several feet
are quite common in the case of flexible structures such
as storage tanks and earth embankments. On the other
hand, foundation movements as small as 0.01 in. may be
intolerable in the case of foundations for precision
tracking radars and nuclear accelerators.

Example of Shallow Foundation

Figure 1.4 shows the M.I.T. Student Center, which has
a shallow foundation consisting of a slab under the entire
building. Such a slab is called a mat. The subsoils at the
site consist of the following strata starting from ground
surface and working downward: a 15-ft layer of soft fill

Fig. 1.3 Palacio de las Bellas Artes, Mexico City. The 2Z-m
differential settlement between the street and the building on
the right necessitated the steps which were added as the settlement

occurred. The general subsidence of this part of the city is 7m

(photograph compliments of Raul Marsal).




_ WEIGHT OF EXCAVATED SOIL

Fig. 1.4 Building on sh‘é.llow mat foundation.

Weight of building = 32,000 tons
Weight of furniture,
people, etc. (time

average) = 5,000 tons

37,000 tons

Weight of excavated soil = 29,000 tons

Net load to clay = 78,000 tons

and organic silt; a 20-ft layer of sand and gravel; 75-ft of
soft clay; and, finally, firm soil and rock. The weight of
the empty building (called the dead load) is 32,000 tons.
The weight of furniture, people, books, etc. (called live
load) is 5000 tons. Had this building with its total load
of 37,000 tons been placed on the ground surface, a
settlement of approximately 1 ft would have occurred
due to the compression of the soft underlying soil. A
settlement of such large magnitude would damage the
structure. The solution of this foundation problem was
to place the building in an excavation. The weight of
excavated soil was 29,000 tons, so that the net building
load applied to the underlying soil was only 8000 tons.
For this arrangement the estimated settlement of the
building is 2-3 in., a value which can be tolerated.

This technique of reducing the net load by removing soil
is called flotation. When the building is partly compen-
sated by relief of load through excavation the technique
is called partial flotation; when entirely compensated, it
is called full flotation. Full flotation of a structure in
soil is based on the same principle as the flotation of a
boat. The boat displaces a weight of water equal to the
weight of the boat so that the stress at a given depth in
the water below the boat is the same, independent of the
presence of the boat. Since the building in Fig. 1.4 has
an average unit weight equal to about one-half that of
water, and the unit weight of the excavated soil is about
twice that of water, the building should be placed with
about one-fourth of its total height under the ground
surface in order to get full flotation.

On this particular project, the soil engineer was called
upon to study the relative economy of this special shallow
foundation versus a deep foundation of piles or caissons.

Ch. 1 Soil Problems in Civil Engincering 5

After having concluded that the shallow foundation
was desirable, he had to answer questions such as the
following.

1. Just how deep into the soil should the building be
placed?

2. Would the excavation have to be enclosed by a wall
during construction to prevent cave-ins of soil?

3. Would it be necessary to lower the water table in
order to excavate and construct the foundation and,
if so, what means should be used to accomplish this
lowering of the ground water (dewatering)?

4. Wasthereadanger of damage to adjacent buildings?
(In later chapters it will be demonstrated that
lowering the water table under a building can cause
serious settlements. The question of just how and
for what duration the water table is lowered can
thus be very important.)

5. How much would the completed building settle and
would it settle uniformly ?

6. For what stresses and what stress distribution
should the mat of the building be designed ?

Example of Pile Foundation

Figure 1.5 shows the M.1.T. Materials Center, which
has a deep pile foundation. The subsoils at the site of
the Materials Building are similar to those at the Student
Center with the important exception that there is little
or no sand and gravel at the Materials Center site. The
total load of the Materials Building is 28,000 tons made
up of a dead load of 16,000 tons and a live load of 12,000
tons. The dead load of the Materials Center is less than
that of the Student Center primarily because the Materials
Building is made of lighter materials than the Student

Fig. 1.5 Building on deep pile foundation.

Weight of building = 15,650 tons
Weight of equipment,
books, people, etc. 12,200 tons

Maximum total weight ~ 28,000 tons




6 PART I INTRODUCTION

Center, and the live load is greater because of the much
heavier equipment going into the Materials Building.
The three major reasons that the Materials Building was
placed on piles to firm soil rather than floated on a mat
were:

1. The intended use of the Materials Building was such
that floor space below ground surface, i.e., base-
ment space, was not desirable.

2. There was little or no sand and gravel at the site on
which to place the mat.

3. There were many underground utilities, especially
a Jarge steam tunnel crossing the site, which would
have made the construction of a deep basement
difficult and expensive.

The foundation selected consisted of 537 piles, each
with a capacity of 70 tons. The piles were constructed
by boring a hole about three-quarters of the way {rom
ground surface to the firm soil, placing a hollow steel
shell of 121 in. diameter in the bored hole and driving it
to the firm soil, and then filling the hollow shell with
concrete. (The hollow shell was covered with a steel plate
at the tip to prevent soil from entering.) Such a pile is
called a point-bearing pile (it receives its support at the
point, which rests in the firm soil, as opposed to a friction
pile, which receives its support along a large part of its
length from the soil through which it goes) and a cast-in-
place concrete pile (as opposed to a pile which is precast
and then driven). Soil was removed by augering for
three-quarters of the length of the pile in order to reduce
the net volume increase below ground surface due to the
introduction of the piles. Had preaugering not been
employed, the surface of the ground at the building site
would have risen almost 1 ft because of the volume of the
537 piles. The rise of the ground surface would have
been objectionable because it would have raised piles
that had already been driven, and it would have been
dangerous because of possible disturbance of the nearby
dome shown in the background in Fig. 1.5.

Among the questions faced by the soil engineer in the
design and construction of the pile foundation were:

1. What type of pile should be used?

2. What was the maximum allowable Joad for a pile?

3. At what spacing should the piles be driven?

4. How should the piles be driven?

5. How much variation from the vertical should be
permitted in a pile?

6. What was the optimum sequence for driving piles?

7. Would the driving of piles have an influence on

adjacent structures?
Example of Embankment on Soft Soil

Figure 1.6 shows a 35-ft embankment of earth placed
on a 32-ft layer of soft soil. The original plan was to

Earth
embankment

Soft sail

Fig. 1.6 Embankment on soft soil. 7

place a tank, shown by dashed lines in Figure 1.6, 50 ft
in diameter and 56 ft high, at the site. Had the tank been
placed on the soft foundation soil with no special founda-
tion, a settlement in excess of 5 ft would have occurred.
Even though a steel storage tank is a flexible structure, a
settlement of 5 ft is too large to be tolerated.

Soil engineering studies showed that a very economical
solution to the tank foundation problem consisted of
building an earth embankment at the site to compress the
soft soil, removing the embankment, and finally placing
the tank on the prepared foundation soil. Such a tech-
nique is termed preloading.

Since the preload was to be removed just prior to the
construction of the tank, and the tank pad brought to the
correct elevation, the magnitude which the preload
settled was of no particular importance. The only con-
cern was that the fill not be so high that a shear rupture
of the soil would occur. If the placed fill caused shear
stresses in the foundation which exceeded the shear
strength, a rupture of the fonndation could occur. Such
a rupture would be accompanied by large movements of
earth with probably serious disturbance to the soft
foundation soil and possible damage to nearby tanks.
Among the questions that had to be answered on this
project were the following ones.

How high a fill could be placed?

How fast could the fill be placed?

What were the maximum slopes for the fill?

Could the fill be placed without employing special
techniques to contain or drain the soft foundation
soil ?

How much would the fill settle? .

6. How long should the fill be left in place in order
that the foundation be compressed enough to per-
mit construction and use of the tank? -

bl

wn

Example of Foundation Heave

The foundation engineer faces not only problems
involving settlement but also problems involving the
upward movement (heave) of structures. Heave prob-
lems arise when the foundation soil is one that expands
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Building

Base
plug

Fig. 1.7 Building on expansive soil.

when the confining pressure is reduced and/or the water
content of the soil is increased. Certain soils, termed
expansive soils, display heaving characteristics to a rela-
tively high degree.

Heave problems are particularly common and eco-
nomically important in those parts of the world with arid
regions, e.g., Egypt, Israel, South Africa, Spain, South-
western United States, and Venezuela. In such areas the
soils dry and shrink during the arid weather and then
expand when moisture becomes available. Water can
become available from rainfall, or drainage, or from
capillarity when an impervious surface is placed on the
surface of the soil, thereby preventing evaporation.
Obviously, the lighter a structure, the more the expanding
soil will raise it. Thus heave problems are commonly
associated with light structures such as small buildings
(especially dwellings), dam spillways, and road pave-
ments.

Figure 1.7 shows a light structure built in Coro,
Venezuela. In the Coro area the soil is very expansive,
containing thc mineral montmorillonite. A number of
buildings in Coro have been damaged by heave. For
example, the floor slab and entry slab of a local hotel,
resting on the ground surface, have heaved extensively,
thus cracking badly and becoming very irregular. The
building in Fig. 1.7 employs a scheme that avoids heave
troubles but clearly is much tnore expensive than a simple
shallow mat. First, holes were augered into the soil, steel
shells were placed, and then concrete base plugs and piles
were poured. Under the building and around the piles
was left an air gap, which served both to reduce the
amount of heave of the soil (by permitting evaporation)
and to allow room for such heave without disturbing the
building.

The main question for the soil engineer was in selecting
the size, capacity, length, and spacing of the piles. The

piles were made long enough to extend below the depth
of soil that would expand if given access to moisture.
The depth selected was such that the confining pressure
from the soil overburden plus minimum load was
sufficient to prevent expansion.

1.2 SOIL AS A CONSTRUCTION MATERIAL

Soil is the most plentiful construction material in the
world and in many regions it is essentially the only locally
available construction material. From the days of
neolithic man, earth has been used for the construction
of monuments, tombs, dwellings, transportation facil-
ities, and water retention structures. This section
describes three structures built of earth.

When the civil engineer uses soil as a construction
material, he must select the proper type of soil and the
method of placement, and then control the actual place-
ment. Man-placed soil is called fi//, and the process of
placing it is termed filling. One of the most common
problems of earth construction is the wide variability of
the source soil, termed borrow. An essential part of the
engineer’s task is to see that the properties of the placed
material correspond to those assumed in the design, or
to change the design during construction to allow for any
difference between the properties of the constructed fill
and those employed in the design.

Example of an Earth Dam

Figure 1.8 is a vertical cross section of an earth dam
built to retain a reservoir of water. The two main zones
of the dam are the clay core and the rock toe: the core
with its impermeable clay keeps leakage low; and the
heavy, highly permeable rock toe adds considerable
stability to the dam. Between these zones is placed a
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Clay core

Fig. 1.8 Earth dam.

3

gravel filter to prevent washing of soil particles from the
core into the voids of the rock toe. Between the core and
the reservoir is a rock facing placed on a gravel bed. The
rock facing prevents erosion of the core by rain or water
in the reservoir. The gravel bed prevents large rocks on
the face from sinking into the clay. This type of dam is
called a zoned earth dam to diflerentiate it from a homo-
geneous earth dam in which the same type of material is
used throughout the cross section.

The popularity of earth dams compared to concrete
dams is increasing steadily for two major reasons. First,
the earth dam can withstand foundation and abutment
movements better than can the more rigid concrete
structure. Second, the cost of earth construction per
unit volume has remained approximately constant for
the last 50 years (the increased cost of labor has been
offset by the improvements in earth-handling equipment),
whereas the cost of concrete per unit volume has steadily
increased. One would thus expect earth dams to become
increasingly popular.

The relative sizes of the zones in an earth dam and the
types of material in each zone depend very much on

the earth materials available at the site of the dam. At

the site of the dam shown in Fig. 1.8, excavation for the
reservoir yielded clay and rock in about the proportions
used in the dam. Thus none of the excavated material
was wasted. The only scarce material was the gravel used
for the filter and the bed. This material was obtained
from stream beds some distance from the site and trans-
ported to the dam by trucks. '

Dam construction was carried out for the full length
and the full width of the dam at the same time; i.e., an
attempt was made to keep the surface of the dam approx-
imately horizontal at any stage of construction. The toe,
consisting of rock varying in size from 6 in. to 3 ft, was
end-dumped from trucks and washed as dumped with
water under high pressure. The clay and gravel were
placed in horizontal lifts of 6 in. to 1 ft in thickness, then
brought to a selected moisture content, and finally
compacted by rolling compaction equipment over the
surface.

The following questions were faced by the civil engineer
during the design and construction of the earth dam.

1. What should be the dimensions of the dam to give
the most economical, safe structure?

2. What is the minimum safe thickness for the gravel
layers?

3. How thick a layer of gravel and rock facing is
necessary to keep any swelling of the clay core to
a tolerable amount?

4. What moisture content and compaction technique
should be employed to place the gravel and clay
materials?

5. What are the strength and permeability character-
istics of the constructed dam?

6. How would the strength and permeability of the
dam vary with time and depth of water in the
reservoir?

7. How much leakage would occur under and through
the dam?

8. What, if any, special restrictions on the operation
of the reservoir are necessary ? :

Example of a Reclamation Structure

There are many parts of the world where good building
sites are no longer available. This is particularly true of
harbor and terminal facilities, which obviously need to
be on the waterfront. To overcome this shortage, there
is an increasingly large number of reclamation projects
wherein large sites are built by filling. The soil for such
projects is usually obtained by dredging it from the
bottom of the adjacent river, Jake, or ocean and placing
it at the location desired. This process is Aydraulic filling.

Figures 1.9 and 1.10 show a successful reclamation
project built in Lake Maracaibo, Venezuela. The island
was constructed by driving a wall of concrete piles
enclosing an area 850 m long by 600 m wide. Soil was
then dredged from the bottom of Lake Maracaibo and
pumped into the sheet pile enclosure until the level of the
hydraulicfillreached thedesired elevation. Threefactors—
the lack of available land onshore, the deep water
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Fig. 1.9 Marine terminal built of hydraulic fill.

needed for large ships to come near the terminal, and the
need to dredge a channel in the lake—combined to make
the construction of this man-made island an excellent
solution to the need of terminal facilities at this location.

On the island, storage tanks for various petroleum
products were constructed. The products are brought by
pipelines from shore to the tanks on the island and then
pumped from the tanks to tankers docked at the two
piers shown in Fig. 1.9.

Many exploratory borings were made in the area to be
dredged in arder to permit the soil engineer to estimate
the type of fill that would be pumped onto the island.
This fill consisted primarily of clay in the form of hard
chunks varying in size from 1 to 6 in. plus a thin slurry
of water with silt and clay particles in suspension. Upon
coming out of the dredge pipe on the island, the large
particles settled first, andsthe finer particles were trans-
ported a considerable distance from the pipe exit. At one
corner of the island was a spillway to permit the excess
water from the dredging operation to re-enter the
lake.

- Following are some questions faced by the civil
engineer on this terminal project.

1.-How deep should the sheet pile wall penetrate the
foundation soil ?

2. How should these piles be braced laterally?

3. What is the most desirable pattern of fill place-
ment—i.e., how should the exit of the dredge pipe
be located in order to get the firmer part of the fill
at the locations where the maximum foundation
loads would be placed?

'
/

4. What design strength and compressibility of the
hydraulic fill should be used for selecting founda-
tions for the tanks, buildings, and pumping facilities
‘to be placed on the island ?

5. Where did the soil fines in the dirty effluent which

went out of the island over the spillway ultimately
~settle?

Example of Highway Pavement

One of the most common and widespread uses of soil
as a construction material is in the pavements of roads
and airfields. Pavements are either flexible or rigid. The
primary function of a flexible pavement is to spread the

Fig. 1.10 La Salina Marine Terminal (compliments of the
Creole Petroleum Corporation).
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Fig. 1.11 Highway pavement.

concentrated wheel loads over a sufficiently large area of
the foundation soil to prevent overstressing it. The rigid
pavement constructed of reinforced concrete possesses
sufficient flexural strength to bridge soft spots in the
foundation. Which pavement is better for a given prob-
lem depends on the nature of the foundation, availability
of construction materials, and the use to be made of the
pavement.

Figure 1.11 shows a highway {lexible pavement
designed for 100 passes per lane per day of a vehicle
having a maximum wheel load of 15,000 Ib. The selected
pavement consisted of an improved subgrade made by
compacting the top 6 in. of the in situ soil; a base course
consisting of a 6-in. layer of soil from the site, mixed
with 7% by soil weight of portland cement, brought to
proper moisture content, mixed and then compacted;
and a wearing surface consisting of a 2-in.-thick layer of
hot-mixed sand-asphalt.

Commonly, the base course of a pavement consists of
gravel or crushed stone. In the desert, where the pave-
ment shown in Fig. 1.11 was built, there was a shortage
of gravel but an abundance of desert sand. Under these
circumstances, it was more economical to improve the
properties of the local sand (soil stabilization) than to
haul gravel or crushed stone over large distances. The
most economical soil stabilizer and the method of pre-
paring the stabilized base were chosen on the basis of a
program of laboratory tests involving various possible
stabilizers and construction techniques.

Among the questions faced by the engineer on the
design and construction of this road were the following
ones.

1. How thick should the various components of the
pavement be to carry the expected loads?

2. What is the optimum mixture of additives for .

stabilizing the desert sand?

3. Is the desert sand acceptable for the construction
of the wearing surface?

4. What grade and weight of available asphalt make
the most economical, satisfactory wearing surface?

5. What type and how much compaction should be
used ?

1.3 SLOPES AND EXCAVATIONS

When a soil surface is not horizontal there is a com-
ponent of gravity tending to move the soil downward, as

illustrated by the force diagram in Fig. 1.12a. If along”a
potential slip surface in the soil the shear stress from
gravity or any other source (such as moving water,
weight of an overlying structure, or an earthquake)
exceeds the strength of the soil along the surface, a shear
rupture and movement can' occur. There are many
circumstances in natural slopes, compacted embank-
ments, and excavations where the civil engineer must
investigate the stability of a slope by comparing .the
shear stress with the shear strength along a potential slip
surface—i.e., he must make a stability analysis.

Figure 1.12a shows a natural slope on which a building
has been constructed. The increased shear stress from
the building and the possible decrease of soil shear
strength from water wasted from the building can cause
a failure of the slope, which may have been stable for
many years before construction. Such slides are common
in the Los Angeles area. ’

The earth dam shown in Fig. 1.8 has a compacted
earth slope which had to be investigated for stability.
During the design of this dam, the civil engineer com-
pared the shear stress with the shear strength for a num-
ber of potential slip surfaces running through the clay
core.

Figures 1.12b and c illustrate excavations for a building
and a pipe. The building excavation is a braced excava-
tion and that for the pipe is an unbraced excavation’ A
designing engineer must be sure that the shear strength of
the slope is not exceeded, for this would result in a cave-in.

(a)

Lateral brace

Fig. 1.12 Slopes and excavations. (a) Natural slope. ()
Excavation for building. (c) Excavation for pipe. (d) Canal.
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Fig. 1.13 Landslide in a quick clay (compliments of Laurits Bjerrum).

Figure 1.12d shows a sketch of a canal. Canals usually
are built by excavating through natural materials, but
sometimes they are built by compacting fill. The slopes
of the canal must be safe both against a shear failure, as
described previously, and against the effects of moving
water. If protection against moving water is not furnished
the canal banks may erode, requiring continuous removal
of eroded earth from the canal and possibly triggering a
general shear failure of the canal sides.

Figure 1.13 shows a. dramatic landslide of a natural
slope of quick clay. Quick clay is a very sensitive clay
deposited in marine water and later leached by ground
water. The removal of the salt in the soil pores results
in a soil that loses much of its strength when disturbed.
The soil in the landslide zone in Fig. 1.13 had been
leached for thousands of years until it became too weak
to support the natural slope. Some excavation at the toe
of the slope or added load may have triggered the slide.
Landslides of this type arc common in Scandinavia and
Canada.

Panama Canal

Figure 1.14 shows one of the world’s most famous
canals—the Panama Canal. Excavation on the Panama
Canal was started in February 1883 by a French company
that intended to construct a sea level canal across the
Isthmus of Panama joining the Atlantic and Pacific
oceans. Excavation proceeded slowly until the end of
1899 when work ceased because of a number of engineer-
ing problé‘rr{s and the unhealthy working conditions.

\
\
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In 1903, the United States signed a treaty with Colom-
bia granting the United States rights for the construction,
operation, and control of the Panama Canal. This treaty
was later rejected by the Colombian Government.
Following a revolt and secession of Panama from
Colombia, the United States signed a treaty with Panama
in 1903 for control of the Canal Zone in perpetuity.

Engineers studying the canal project developed two
schemes: (a) a canal with locks estimated to cost
$147,000,000 and requiring 8 years to build; and (b) a
sea level canal costing $250,000,000 and requiring 12-15
years to build. Congress chose the high level lock canal,
and construction was started in 1907 and finished in 1914.
The actual construction cost was $380,000,000.

The canal is 51.2 miles from deep water to deep water
and required a total excavation of 413,900,000 cubic
yards of which 168,300,000 cubic yards came from the
Gaillard cut shown in Fig. 1.14. The minimum width of
the canal was originally 300 ft (through the Gaillard cut)
and it was later widened to approximately 500 ft. The
minimum depth of the canal is 37 ft (in Balboa Harbor
at low tide).

Many shear slides occurred during construction,
especially in the Cucaracha formation, a notoriously soft
shale. (The slides contributed to the high construction
cost.) The canal was opened to traffic in August 1914;
however, landslides closed the canal on several occasions
for periods of a few days to 7 months. The last closure
was in 1931, although constrictions have occurred on
several occasions since then. Removal of soil from slides
and erosion now requires continuous maintenance by
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Fig. 1.14 The Panama Canal. (a) Cross section through

1913. (c) Ship in Canal in 1965.

canal dredges. At one location the side slopes are even
today moving into the canal at the rate of 28 ft per year.

The long-term strength characteristics of soft shales,
such as those lining parts of the Panama Canal, are a
perplexing problem to the soil engineer. Since the slides
along the canal appear to be related to cracks in the rocks
and special geologic features, the analysis of slopes in
these materials cannot be done solely on the basis of
theoretical considerations and laboratory test results.
The solution of this type of problem depends very much
on an understanding of geology, and illustrates the
importance geology can have to the successful practice
of civil engineering,.

1.4 UNDERGROUND AND EARTH
RETAINING STRUCTURES

Any structure built below ground surface has forces
applied to it by the soil in contact with the structure. The
design and construction of underground (subterranean)
and earth retaining structures constitute an important
phase of civil engineering. The preceding pages have
already presented examples of such structures; they
include the pipe shells that were driven for the foundation
shown in Fig. 1.2, the basement walls of the buildings
shown in Figs. 1.4 and 1.5, the concrete sheet pile wall

Culebra

(a)

East Culebra Slide. (b) Cucaracha Slide of August

encircling the island shown in Fig. 1.9, and the bracing
for the excavation shown in Fig. 1.125. Other common
examples of underground structures include tunnels for
railways or vehicles, underground buildings like power-
houses, drainage structures, earth retaining structures,
and pipelines. g

The determination of forces exerted on an underground
structure by the surrounding soil cannot be correctly
made either from a consideration of the structure alone
or from a consideration of the surrounding soil alone,
since the behavior of one depends on the behavior of the
other. The civil engineer therefore must be knowledge-
able in soil-structure interaction to design properly
structures subjected to soil loadings.

Example of Earth Retaining Structure

A common type of earth retaining structure is the
anchored bulkhead, as illustrated in Fig. 1.15. Unlike a
gravity retaining wall, which has a large base in contact
with the foundation soil and enough mass for friction
between the soil and the wall base to prevent excessive
lateral movement of the wall, the anchored bulkhead
receives its lateral support from penetration into the
foundation soil and from an anchoring system near the
top of the wall.

The bulkhead shown in Fig. 1.15 was built as part of a




ship-loading dock. Ships are brought alongside the bulk-
head and are loaded with cargo stored on the land side
of the wall. The loading is done by a crane moving on
rails parallel to the bulkhead.

To determine the proper cross section and length of
the:bulkhead wall, the engineer must compute the stresses
exerted by the soil against the wall (/ateral soil stresses).
The distribution of these stresses along the wall depends
very much on the lateral movements that occur in the
soil adjacent to the wall, and these strains in turn depend
on the rigidity of the wall—a problem in soil-structure
interaction.

The selection of the length and section of the bulkhead
and the design of the anchoring system was only part of
the problem. Consideration had to'be given to the
stability of the entire system against a shear rupture in
which the slip surface passed through the backfill and
through the soil below the tip of the bulkhead. This type
of overall stability can be a much more serious problem
with anchored bulkheads than is the actual design of the
bulkhead itsclf.

The following questions had to be answered in planning
the.design of the anchored bulkhead.

1. What type of wall (material and cross section)
should be used?

2. How deep must the wall penetrate the foundation
soil in order to prevent the wall from kicking out to
the left at its base?

l Crane

/Pavement
High tide o ARV
‘—gﬂ__.;_____J—' - Anchor tie Anchor
T Batter
Low tide o \ pile
— —1
P, i3
é Sand gravel
=3
J
AL Zagy Medium clay
Soft cléy
Till
Rock

Fig. 1.15 Anchored bulkhead.
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3. At what height on the wall should the anchor tie be
located ?
4. How far from the wall should the anchor tie extend ?
5. What type of anchoring system should be employed
at the onshore end of the anchor tic? (One way to
anchor the wall is to use a large mass of concrete,
i.e., deadman. Another way is to use a system of
piles including some driven at a slope with the
vertical; such a sloping pile is termed a batter pile.)
6. What was the distribution of stresses acting on the
wall?
7. What type of drainage system should be installed to
prevent a large differential water pressure from
“developing on the inside of the wall?
8. How close to the wall should the loaded crane
(130,000 Ib when fully loaded) be permitted?
9. What restrictions, if any, are necessary on the
storage of cargo on the area back of the wall?

Example of Buried Pipeline

Frequently a pipe must be buried under a high embank-
ment, railway, or roadway. The rapid growth of the
pipeline industry and the construction of‘supcrhighways
have greatly increased the frequency of buried pipe
installations. Buried pipes are usually thin-wall metal or
plastic pipes, called flexible pipes, or thick-wall rein-
forced concrete pipes, called rigid pipes.

There have been very few recorded cases of buried
pipes being crushed by externally applied loads. Most
of the failures that have occurred have been associated
with: (a) faulty construction; () construction loads in
excess of design loads; and (c) pipe sag due to foundation
settlement or failure. Faced with the impressive perform-
ance record of the many thousands of buried pipes, we
are forced to conclude that the design and construction
procedures commonly used result in safe installations.
There is little published information, however, indicating
just how safe these installations are and whether or not
they are far overdesigned, thus resulting in a great waste
of money. '

Figure 1.16 shows an installation of two steel pipes,
each 30 in. in diameter with a wall thickness of 3 in.,
buried under an embankment 80 ft high at its center line.
Use of the commonly employed analytical method
yielded a value for the maximum pipe deflection of 7} in.
Current practice suggests a value of 5% of the pipe
diameter, 1} in. for the 30-in. diameter pipe, as the
maximum allowable safe deflection.

At this stage in the job, laboratory soil tests and field
experimentation with installations were carried out. Use
of the soil data obtained from these tests resulted in a
computed pipe deflection of 0.32 in., a safe value. The
maximum value of pipe deflection actually measured in
the installation was only 0.17 in. These stated deflections
indicate the merit of a controlled installation (and also
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Fig. 1.16 Buried pipes. ¢

the inaccuracy of commonly employed techniques to
estimate the deflection of buried pipes).

The method of pipe installation employed is indicated
in Fig. 1.16 and consisted of the following: carrying the
fill elevation above the elevation of the tops of the pipes;
cutting a trench for the pipes; shaping by hand a cradle
for each pipe conforming to the curvature of the pipe;
backfilling under carefully controlled conditions to get a
rigid backfill on the sides of the pipes and a soft spot on
top of each pipe.

The rigid side fills were to give strong lateral support
to the pipes and thus reduce their lateral expansion. The
soft spots were to encourage the fill directly jover the
pipes to tend to settle more than the rest of the fill, thus
throwing some of the vertical load to the soil outside the
zone of the pipes; this phenomenon is called arching.

Since the vertical load on the two pipes is related to
the height of the fill, one would expect the settlement of
the pipes to be the maximum at the midpoint of the
embankment. Such was the case with 17 cm of settle-
ment occurring at the center of the embankment and
about 1 cm at the two toes of the embankment. The
flexible steel pipes, more than 100 m in length, could
easily withstand the 16 cm sag.

The civil engineer on this project had to select the
thickness of the pipe wall, and work out and supervise
the installation of the pipcs.

1.5 SPECIAL SOIL ENGINEERING PROBLEMS

The preceding sections have discussed and illustrated
some common civil engineering problems that involve
soil mechanics. There are, in addition, many other types
of soil problems that are less common but still important.

Some of these are noted in this section in order to give a
more complete picture of the range of problems in which
soil mechanics is useful.

Yibrations

‘Certain granular soils can be readily densified by
vibrations. Buildings resting on such soils may undergo
significant settlement due to the vibration of their equip-
ment, such as large compressors and turbines. The effects
of a vibration can be particularly severe when the fre-
quency of the vibration coincides with the natural frequency
of the soil foundation. Upon deciding that vibrations can
cause deleterious settlement in a particular structure, the
engineer has the choice of several means of preventing it.
He can increase the mass of the foundation, thus changing
its frequency, or densify or inject the soil, thereby altering
its natural frequency and/or compressibility.

Explosions and Earthquakes

Civil engineers have long been concerned with ‘the
effects on buildings of earth waves caused by quarry
blasting and other blasting for construction purposes.
The ground through which such waves pass has been
found to influence greatly the vibrations that reach
nearby buildings.

This problem has received an entirely new dimension
as the result of the advent of nuclear explosives. The
military has become increasingly interested in the design
of underground facilities that can survive a very nearby
nuclear explosion. The Atomic Energy Commission has
established the Plowshare program to consider the peace-
ful uses of nuclear explosions, such as the excavation of
canals or highway cuts. The possibility of excavating a
sea level Panama Canal by such means has received

’
A




Fig. 1.17 Oil storage reservoir (compliments of the Creole

Petroleum Corporation).
4

special attention and raises a whole new set of questions,
such as the stability of slopes formed by a cratering
process.

‘Similar problems arise as the result of earthquakes.
The type of soil on which a building rests and the type of
foundation used for the building influence the damage to
a building by an earthquake. The possible effects of

earthquakes on large dams have recently received much

attention. The 1964 earthquake in Alaska caused one of
the largest earth slides ever recorded.
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The Storage of Industrial Fluids in Earth Reservoirs

Section 1.2 describes an earth structure for the reten-
tion of water. Because earth is such a common and cheap
constrqction material, it has considerable utility for the
construction of reservoirs and containers to store indus-
trial fluids. One of the most successful applications of
this technique is the earth reservoir for the storage of
fuel oil shown in Fig. 1.17. This structure, with a
capacity of 11,000,000 barrels, was built at one-tenth the
cost of conventional steel tankage and resulted in a
saving of approximately $20,000,000. Because of the
interfacial tension between water and certain industrial
fluids, compacted, fine-grained, wet soil can be used to
store such fluids with no leakage.

Another example of this special application is the use
of reservoirs for the storage of refrigerated liquefied gas.
Earth reservoirs have been built for the retention of
liquefied propane at —44°F and for liquefied natural gas
at —260°F. Introducing a liquid at such low tempera-
tures into a water-wet soil freezes the pore water in the
soil. If the soil has enough water so that there are not
continuous air channels in the soil, it will become im-
pervious to both liquid and gas upon freezing of the pore
water.

Frost

Because certain soils under certain conditions expand
on freezing, the engineer may be faced with frost heave
problems. When frost susceptible soils are in contact with
moisture and subjected to freezing temperatures, they can

Fig. 1.18 Frost heave. (a) Soil sample which heaved from 3.1 to 12.6 in. on freezing. (b) Soil samp]c_ which heaved from
6to 12 in. on freezing. (c) A close view of frozen soil. (Photographs compliments of C. W. Kaplar of U.S. Army CRREL.)
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Fig. 1.19  The solution of soil engineering problems.

imbibe water and undergo a very large expansion. Figure
1.18 dramatically illustrates the magnitude a soil can
heave under ideal conditions. Such heave exerts forces
large enough to move and crack adjacent structures, and
can cause serious problems on thawing because of the
excess moisture. The thawing of frozén soil usually
proceeds from the top downward. The melt water cannot
drain into the frozen subsoil, thus becomes trapped,
greatly weakening the soil. The movement of icehouses
and ice-skating rinks is an interesting example of this
phenomenon, but nowhere nearly as important and
widespread as the damage to highway pavements in
those areas of the world that have freezing temperatures.
Frost heaves and potholes, which develop when the frost
thaws, are sources of great inconvenience and cost to
many northern U.S. areas, such as New England.

The civil engineer designing highway and airfield pave-
ments in frost areas must either select a combination of
base soil and ‘drainage that precludes frost heave, or
design his pavement to withstand the weak soil that occurs
in the spring when the frost melts. ;

Regional Subsidence

Large-scale pumping of oil and water from the ground
can’ cause major settlements over a large area. For
example, a 16 square mile area of Long Beach, California,
has settled as the result of oil pumping, with a maximum
settlement to date of 25 ft. As a result, the Naval Ship-
yard adjacent to the settled area has had to construct
special sea walls to keep out the ocean, and has had to
reconstruct dry docks. Mexico City has settled as much
as 30 ft since the beginning of the twentieth century as
the result of pumping water for domestic and industrial
use. The first step in minimizing such regional subsidence
is to locate the earth materials that arec compressing as the

fluid is removed, and then consider methods of replacing
the lost fluid.

1.6 THE SOLUTION OF SOIL ENGINEERING
PROBLEMS

Thus far this chapter has described some of the prob-
lems the civil engineer encounters with construction on
soil, in soil, and of soil. The successful solution of each
problem nearly always involves a combination of soil
mechanics and one or more of the components noted in
Fig. 1.18. T '

Geology aids the soil engineer because the method of
forming a mass influences its size, shape, and behavior.
Exploration helps establish the boundaries of a deposit
and enables the engineer to select samples for laboratory
testing.

Experience, as the term is used here, does not mean

- merely doing but the doing coupled with an evaluation of

results of the act. Thus, when'the civil engineer makes a
design or solves a soil problem and. then evaluates the
outcome on the basis of measured field performance, he
is gaining experience. Too muth emphasis is usually
placed on the doing component of experience and too
little emphasis on the evaluation of the outcome of the
act. The competent soil engineer must continue to
improve his reservoir of experience by comparing the
predicted behavior of a structure with its measured
performance.

Economics is an important ingredient in the selection
of the best solution from among the possible ones.
Although a detailed economic evaluation of a particular
earth structure depends on the unit costs at the site of a
planned project, certain economic advantages of one
scheme over another may be obvious from the charac-
teristics of the schemes.

This book is limited to one component of the solution
of soil engineering problems—soil mechanics: the science
underlying the solution of the problem. The reader must
remember that science alone cannot solve these problems.
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‘Nearly all soil problems are statically indeterminate to
a high degree. Even more important is the fact that
natural soil deposits possess five complicating charac-
teristics:

1. Soil does not possess a linear or unique stress-strain
relationship. g

2. Soil behavior depends onpressure, time, and envir-
onment.

3. The soil at essentially every location is different.

4. Innearly all cases the mass of soil involved is under-
ground and cannot be seen in its entirety but must
be evaluated on the basis‘of small samples obtained
from isolated locations.

5. Most soils are very sensitive to disturbance from
sampling, and thus the behavior measured by a lab-

,oratory test may be unlike that of the in situ soil.

These factors combine to make nearly every soil problem
unique and, for all practical purposes, impossible of an
exact solution.

Soil mechanics can provide a solution to a mathemati-
cal model. Because of the nature and the variability of
soil and because of unknown boundary conditions, the
mathematical model may not represent closely the actual
problem. As construction proceeds and more informa-
~ tion becomes available, soil properties and boundary

"
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conditions must often be re-evaluated and the problem
solution modified accordingly.

The interpretation of insufficient and conflicting data,
the selection of soil parameters, the modification of a
solution, etc., require experience and a high degree of
intuition—i.e., engineering judgment. While a sound
knowledge of soil mechanics is essential for the successful
soil engineer, engineering judgment is usually the charac-
teristic that distinguishes the outstanding soil engineer.

PROBLEMS

1.1 List three events of national and/or international
importance that involve soil mechanics (e.g., the extensive
damage from the 1964 Alaskan earthquake).

1.2 Note the type of foundation employed in a building
constructed recently in your area. List obvious reasons why
this type of foundation was selected.

1.3 On the basis of your personal experience, describe
briefly an engineering project that was significantly influenced
by the nature of the soil encountered at the site of the project.

1.4 Note several subsoil and building characteristics that
would make a pile foundation preferable to a spread founda-
tion.

1.5 List difficulties you would expect to result from the
large settlement of the Palacio de las Bellas Artes shown in
Fig. 1.3.

1.6 Note desirable and undesirable features of building
flotation.




CHAPTER 2

A Preview of Soil Behavior

This chapter presents a preliminary and intuitive
glimpse of the behavior of homogeneous soil. This pre-
view is intended to give the reader a general picture of the
way in which the behavior of soil differs from the behavior
of other materials which he has already studied in solid
and fluid mechanics, and also to indicate the basis for the
organization of this book. To present clearly the broad
picture of soil behavior, this chapter leaves to later
chapters a consideration of exceptions to, and details of,
this picture.

2.1 THE PARTICULATE NATURE OF SOIL

If we examine a handful of beach sand the naked eye
notices that the sand is composed of discrete particles.
The same can be said of all soils, although many soil
particles are so small that the most refined microscopic
techniques are needed to discern the particles. The dis-
crete particles that make up soil are not strongly bonded
together in the way that the crystals of a metal are, and
hence the soil particles are relatively free to move with
respect to one another. The soil particles are solid and
cannot move relative to each other as easily as the ele-
ments in a fluid. Thus soil is inherently a particulate
system.? 1t is this basic fact that distinguishes soil
mechanics from solid mechanics and fluid mechanics.
[ndeed, the science that treats the stress-strain behavior
of soil may well be thought of as particulate mechanics.

The next sections examine the consequences of the
particulate nature of solil. :

2.2 NATURE OF SOIL DEFORMATION

Figure 2.1 shows a cross section through a box filled
with dry soil, together with a piston through which a
vertical load can be applied to the soil. By enlarging a
portion of this cross section to see the individual particies,

1The word “particulate™ means “of or pertaining to a system of
particles.”
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we are able to envision the manner in which the applied
force is transmitted through the soil: contact forces
develop between adjacent particles. For convenience,
these contact forces have been resolved into components
normal N and tangential T to the contact surfaces.

The individual particles, of course, deform as the resuit
of these contact forces. The most usual type of deforma-
tion is an elastic or plastic strain in the immediate vicinity
of the contact points. Particle crushing can be important
in certain situations (as later chapters discuss). These

-deformations lead to an enlargement of the contact area

between the particles, as shown in Fig. 2.2a4, and thus
permit the centers of the particles to come closer together.
If platelike particles arc present, these particles will bend,

(a)

Fig. 2.1 Schematic representation of force transmission
through soil. (a) Cross section through box filled with soil.
(b) Enlargement through portion of cross section showing

forces at two of the contact points.




as in Fig. 2.2b, thus allowing relative movements between
the adjacent particles. In addition, once the shear force
at a contact becomes larger than the shear resistance at
the contact, there will be relative sliding between the
particles (Fig. 2.2¢). The overall strain of a soil mass will
be partly the result of deformation of individual particles
-and partly the result of relative sliding between particles.
However, experience has shown that interparticle sliding,
with the resultantrearrangement of the particles, generally
makes by far the most important contribution to overall
strain. The mineral skeleton of soil usually is quite
deformable, due to interparticle sliding and rearrange-
ment, even though the individual particles are very rigid.

Thus we see the first consequence of the particulate
nature of soil: the deformation of a mass of soil is con-
trolled by interactions between individual particles, espe-
cially by sliding between particles. Because sliding is a
nonlinear and irreversible deformation, we must expect
that the stress-strain behavior of soil will be strongly
nonlinear and irreversible.* Moreover, a study of phe-
nomena at the contact points will be fundamental to the
study of soils, and we shall inevitably be concerned with
concepts such as friction and adhesion between particles.

There are, of course, a fantastically large number of
individual contact points within a soil mass. For
example, there will be on the order of 5 million contacts
within just 1 cm?® of a fine sand. Hence it is impossible
to build up a stress-strain law for soil by considering the
behavior at each contact in turn even if we could describe
exactly what happens at each contact. Rather it is
necessary to rely upon the direct experimental measure-
ment of the properties of a system involving a large
number of particles. Nonetheless, study of the behavior
at typical contact points still plays an important role; it
serves as a guide to the understanding and interpretation
of the direct experimental measurements. This situation
may be likened to the study of metals: knowledge of the
behavior of a single crystal, and the interactions between
crystals, guides understanding the behavior of the overall
metal and how the properties of the metal may be
improved.

If the box in Fig. 2.1 has rigid side walls, the soil will
normally decrease in volume as the load is increased.
This volume decrease comes about because individual
particles nestle closer and closer together. There are
shear failures (sliding) at the many individual contact
points, but there is no overall shear failure of the soil
mass. The vertical load can be increased without limit.
Such a process is volumetric compression. 1f the applied
load is removed, the soil mass will increase in volume
through a reverse process again involving rearrangement
of the particles. This process of volume increase is called
expansion, or in some contexts, swell.

2 This statement means that a plot of stress-strain is not a straight
line and is not unique for load-unload cycles.
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Position before loading

Fig. 2.2 Causes of relative motions among soil particles.
(a) Motion of particles due to deformation of contacts. Solid
lines show surfaces of particles after loading (the lower particle
was assumed not to move); dashed lines show surfaces before
loading. (b) Relative motion of particles due to bending of
platelike particles. (c) Relative motion of particles due to
interparticle sliding.

If, on the other hand, the box has flexible side walls,
an overall shear failure can take place. The vertical load
at which this failure occurs is related to the shear strength
of the soil. This shear strength is determined by the
resistance to sliding between particles that are trying to
move laterally past each other.

The properties of compressibility, expansibility, and
shear strength will be studied in detail in later chapters.

2.3 ROLE OF PORE PHASE: CHEMICAL
INTERACTION

The spaces among the soil particles are called pore
spaces. These pore spaces are usually filled with air
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(a) (b)

Fig. 2.3 Fluid films surrounding very small soil particles.
(a) Before load. (b) Particles squeezed close together by load.

and/or water (with or without dissolved materials). Thus
soil is inherently a multiphase system consisting of a
mineral phase, called the mineral skeleton, plus a fluid
phase, called the pore fluid.

The nature of the pore fluid will influence the magnitude
of the shear resistance existing between two particles by
introducing chemical matter to the surface of contact.
Indeed, in the case of very tiny soil particles, the pore
fluid may completely intrude between the particles (see
Fig. 2.3). Although these particles are no longer in
contact in the usual sense, they still remain in close
proximity and can transmit normal and possibly also
tangential forces. The spacing of these particles will
increase or decrease as the transmitted compressive
forces decrease or increase. Hence a new source of over-
all strain in the soil mass is introduced.

Thus we have a second consequence of the particulate
nature of soil: soil is inherently multiphase, and the con-
stituents of the pore phase will influence the nature of the
mineral surfaces and hence affect the processes of force
transmission at the particle contacts. This interaction
between the phases is called chemiical interaction.

2.4 ROLE OF PORE PHASE: PHYSICAL
INTERACTION

Let us now return to our box of soil, but now consider
a soil whose pore spaces are completely filled with water—
a saturated soil.

First we assume that the water pressure is hydrostatic;
i.e., the pressure in the pore water at any point equals the
unit weight of water times the depth of the point below
the water surface. For such a condition there will be no
flow of water (see Fig. 2.4a).

Next we suppose that the water pressure at the base of
the box is increased while the overflows hold the level of
the water surface constant (Fig. 2.4b). Now there must
be an upward flow of water. The amount of water that
flows will be related to the amount of excess pressure
added to the bottom and to a soil property called
permeability. The more permeable a soil, the more water
will flow for a given excess of pressure. Later parts of
this book consider the factors that determine the perme-
ability of a soil.

If the excess water pressure at the base is increased, a
pressure will be reached where the sand is made to boil
by the upward flowing water (Fig. 2.4c). We say that a
quick condition is created. Obviously, there has been a
physical interaction between the mineral skeleton and the
pore fluid.

At this stage, the soil will occupy a somewhat greater
volume than initially, and clearly the soil has less shear
strength in the quick condition than in the normal condi-
tion. These changes have occurred even though the total
weights of sand and water pressing down have remained
unchanged. But we have seen that changes in volume and
shear strength come about through changes in the forces
at contacts between particles. Hence these contact forces
must have been altered by the changes in pressure in the
pore phase; that is, these contact forces must be related

Surface
of soil

(a)

raised

Overfiow

raised
further

Supply
= =3 __ tank

Fig. 2.4 Physical interaction between mineral and pore
phases. (a) Hydrostatic condition: no flow. (b) Small flow
of water. (c¢) Quick condition.
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Fig. 2.5 Hydromechanical analogy for load-sharing and consolidation.

(a) Physical example.

(b) Hydromechanical analog; initial condition. (c) Load applied with valve closed. () Piston moves
as water escapes. (e) Equilibrium with no further flow. (f) Gradual transfer of load.

to the difference between the stress pressing downward
(the rotal stress) and the pore pressure. These observa-
tions form the basis for the very important concept of
effective stress.

We have now seen the third consequence of the par-
ticulate nature of soil: water can flow through soil and
thus interact with the mineral skeleton, altering the magni-
tude of the forces at thecontacts between particles and
influencing the compression and shear resistance of the soil.

2.5 ROLE OF PORE PHASE: SHARING
THE LOAD

Finally, becnuse soil is a multiphase system, it may be
expected that a load applied to a soil mass. would :be
carried in part by the mineral skeleton and in part by

the pore fluid. This “sharing of the load” is analogous
to partial pressures in gases.

The sketches in Fig. 2.5 help us to understand load
sharing. Figure 2.5a shows a cylinder of saturated soil.
The porous piston permits load to be applied to the soil
and yet permits escape of the fluid from the pores of the
soil. Part () shows a hydromechanical analog in which
the properties of the soil have been “lumped”: the
resistance of the mineral skeleton to compression is
represented by a spring; the resistance to the flow of
water through the soil is represented by a valve in an
otherwise impermeable piston.

Now suppose a load is applied to the piston of the
hydromechanical analog but that the valve is kept closed.
The piston load is apportioned by the water and the spring
in relation to the stiffness of each. The piston in our
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Fig. 2.6 Settlement of Building 10 at M.LT.

hydromechanical analogy will move very little when the
load is applied because the water is relatively incompres-
sible. Since the spring only shortens slightly it will carry
very little of the load. Essentially all of the applied load
is resisted by an increase in the fluid pressure within the
chamber. The conditions at this stage are represented in
Fig. 2.5¢c.

Next we open the valve. The fluid pressure within the
chamber will force water through this valve (Fig. 2.5d).
As water escapes the spring shortens and begins to carry
a significant fraction of the applied load. There must be
a corresponding decrease in the pressure within the
chamber fluid. Eventually a condition is reached (Fig.
2.5¢) in which all of the applied load is carried by the
spring and the pressure in the water has returned to the
original hydrostatic condition. Once this stage is reached
there is no further flow of water.

Only a limited amount of water can flow out through
the valve during any interval of time. Hence the process
of transferring load from the water to the spring must
take place gradually. This gradual change in the way
that the load is shared is illustrated in Fig. 2.5/

Sharing the load between the mineral and pore phases
also occurs in the physical example and in actual soil
problems, although the pore fluid will not always carry
all of the applied load initially. We shall return to this
subject in detail in Chapter 26. Moreover, in actual
problems there will be the same process of a gradual
change in the way that the load is shared. This process of
gradual squeezing out of water is called consolidation, and
the time interval involved is the iydrodynamic time lag.
The amount of compression that has occurred at any
time is related not only to the applied load but also to the
amount of stress transmitted at the particle contacts, i.e.,
to the difference between the applied stress and the pore
pressure. This difference is called effective stress. Con-
solidation and the reverse process of swelling (which
occurs when water is sucked into a soil following load
remoyal) are treated in several chapters. '

Here then is the fourth consequence of the particulaté
nature of soil: when the load applied to a soil is suddenly
changed, this change is carried jointly by the pore fluid and
by the mineral skeleton. The change in pore pressure will
cause water to move through the soil, /1encg the properties
of the soil will change with time.

This last consequence was discovered by Karl Terzaghi
around 1920. This discovery marked the beginning of
modern soil engineering. 1t was the first of many con-
tributions by Terzaghi, who is truly the “father of soil
mechanics.” y '

The most important effect of the hydrodynamic time
lag is to cause delayed settlement of structures. That is,
the settiement continues for many years after the structure
has been completed. Figure 2.6 shows the time-settle-
ment record of two points on Building 10 on the campus
of the Massachusetts Institute of Technology. The
settlement of this building during the first decade after
its completion was the cause of considerable alarm.
Terzaghi examined the building when he first came to the
United States in 1925, and he correctly predicted that the
rate of settlement would decrease with time.

A further look at consolidation. At this stage it is
essential that the student have a general appreciatidfl of
the duration of the hydrodynamic time lag in various
typical soil deposits. For this purpose it is useful to rhake
an intuitive analysis of the consolidation process to learn
which soil properties affect the time lag and how they
affect it. (Chapter 27 presents a precise derivation and
solution for the consolidation process.)

The time required for the consolidation process should
be related to two factors:

.1. The time should be directly proportional to the
volume of water which must be squeezed vut of the soil.
This volume of water must in turn be related to the
product of the stress change, the compressibility of the
mineral skeleton, and the volume of the soil.

2. The time should be inversely proportional to how




fast the water can flow through the soil. From fluid
mechanics we know that velocity of flow is related to the
product of the permeability and the hydraulic gradient,
and that the gradient is proportional to the fluid pressure
lost within the soil divided by the distance through which
the pore fluid must flow.

~ These considerations can be expressed by the relation
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where

t = the time required to complete some percentage
of the consolidation process
Ao = the change in the applied stress
m = the compressibility of the mineral skeleton
H = the thickness of the soil mass
(per drainage surface)
k = the permeability of the soil

Hence the time required to reach a specified stage in the
consolidation process is

mH?

1 ~

2.2)

This relation tells us that the consolidation time:

Increases with increasing compressibility.
--Decreases with increasing permeability.

Increases rapidly with increasing size of soil mass.
4. Isindependent of the magnitude of the stress change.

W=

The application of this relation is illustrated by Examples
2.1 and 2.2.
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» Example 2.1

A stratum of sand and a stratum of clay are each 10 ft thick.
The compressibility of the sand is § the compressibility of the
clay and the permeability of the sand is 10,000 times that of
the clay. What is the ratio of the consolidation time for the
clay to the consolidation time of the sand?

Solution.

fay _ 110000 oo
1 3

fsana 15 <
» Example 2.2

A stratum of clay 10 ft thick will be 909, consolidated in
10 years. How much time will be required to achieve 90%
consolidation in a 40-ft-thick stratum of this same clay?

Solution.
402
1 for 40 foot stratum = 10 years x T0° = 160 years

<

Soils with a significant clay content will require long
times for consolidation—from one year to many hun-
dreds of years. Coarse granular soils, on the other hand,
will consolidate very quickly, usually in a matter of
minutes. As we shall see, this difference in consolidation
time is one of the main distinctions among different soils.

2.6 ORGANIZATION OF BOOK

This chapter has described the important consequences
of soil being particulate and hence multiphase. As shown
in Table 2.1, these consequences are used as the basis for
organizing this book.

Part I1 will study individual particles, the way that they
are put together, and the chemical interaction between

Table 2.1 Soil Is a Different Type of Material because It Is Particulate, and Hence Multiphase

Discussed Concepts Needed from
Consequence Example of Importance in Part Previous Studies
Stress-strain behavior of Great compressibility of soil 11, T Stress and strain;
~ mineral skeleton deter- Strength is frictional in nature, continuity; limiting
mined by interactions be- and related to density equilibrium; Mohr
tween discrete particles circle
There are chemical inter- Affects density (and hence T Principles of chemical
actions between pore fluid strength) which soil will attain bonding
and mincral particles under given stress
Quick clays
There are physical inter- Quicksands v Fluid mechanics:
actions between pore fluid Slope instabilities affected by potential flow,
and mineral skeleton ground water laminar flow
Loads applied to soil masses ~ Consolidation time-lag v

are ‘‘shared” by mineral
skeleton and pore phase

Delayed failure of slopes
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these particles and the pore phase. Part III will study the
processes of volume change and shear strength in situa-
tions where there is no physical interaction between the
phases, i.e., in dry soils. Part IV will then analyze
the consequences of the physical interaction be‘ween the
- phases in the cases where the flow of water is governed by
natural ground water conditions. Part V will study the
transient phenomena that occur after a change in load is
applied to a soil.

PROBLEMS

2.1 Citeat least three passages from Chapter 1 that refer to

physical interaction between the mineral skeleton and pore
phase.

2.2 Cite at least one passage from Chapter 1 that refers to
the hydrodynamic time-lag or consolidation effect.

2.3 Thetime for a clay layer to achieve 99 9 consolidation
is 10 years. What time would be required to achieve 99%;
consolidation if the layer were twice as thick, five times more
permeable, and three times more compressible ?

2.4 List the possible components of soil deformation.

2.5 Which component listed in the answer to Problem 2.4
would be most important in each of the following situations:

a. loading a loose array of steel balls;

b. loading an array of parallel plates;

c. unloading a dense sample of mica plates and quartz sand.
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PART IT

T he Nature of Soil

Part II, consisting of Chapters 3 to 7, examines the
nature of soil. Chapter 3 considers an assemblage of soil
particles. This chapter is placed at the start of Part 11
because the student must master the definitions and terms
relating the phases in a soil mass before he proceeds with
his study of soil mechanics. Chapter 4 looks closely at

the individual particles that make up a soil mass. Chapters
5 and 6 consider stress transmission between soil particles
on a microscopic scale and the influence of water on these
stresses. Part 11 closes with a treatment (Chapter 7) of
the natural soil profile.




CHAPTERKR 3

Description of an Assemblage of Particles

This chapter considers the description of an assemblage
of particles. It presents relationships among the different
phases in the assemblage, and discusses particle size
distribution and degree of plasticity of the assemblage.
The phase relationships are used considerably in soil
mechanics to compute stresses. The phase relationships,
particle size characteristics, and Atterberg limits are
employed to group soils and thus facilitate their study.

3.1 PHASE RELATIONSHIPS

By being a particulate system, an element of soil is
inherently ‘“‘multiphase.” Figure 3.1 shows a typical
element of soil containing three distinct phases: solid
(mineral particles), gas, and /iquid (usually water). Figure
3.1a represents the three phases as they would typically
exist in an element of natural soil. In Part (b) the phases
have been separated one from the others in order to
facilitate the development of the phase relationships.
The phases are dimensioned with volumes on the left and
weights on the right side of the sketch.

Below the soil elements in Fig. 3.1 are given expressions
that relate the various phases. There are three important
relationships of volume: porosity, void ratio, and degree
of saturation. Porosity is the ratio of void volume to total
volume and void ratio is the ratio of void volume to solid
volume. Porosity 1s usually multiplied by 1009 and thus
the values are given in percent. Void ratio is expressed
in a decimal value, such as a void ratio of 0.55, and can
run to values greater than unity. Both porosity and void
ratio indicate the relative portion of void volume in a
soil sample. This void volume is filled with fluid, either
gas or liquid, usually water. Although both terms are
employed in soil mechanics, void ratio is the more useful®

1 During a typical compression of a soil element, both the numerator
and the denominator of the porosity decrease, whereas only the
numerator of the void ratio decreases. This fact results in void
ratio being more useful than porosity for studying soil compression.

of the two. Two relationships between porosity n and
void ratio e are

e n
and e = —

=1+e 1—n

n

The degree of saturation indicates the percentage of
the void volume which is filled with water. Thus a value
of S = 0 indicates a dry soil, S = 1009 indicates a
saturated soil, and a value between 0 and 1009 indicates
a partially ~aturated soil.

The most useful relationship between phase weights is
water content, which is the weight of water divided by the
weight of solid in a soil element. The water content of a
soil sample is readily obtained by: weighing the natural
soil; drying it in an oven; weighing the dry soil; and,
finally, computing the water content as the difference in
initial and dry weights divided by the dry weight. This
procedure assumes that all of the volatiles are water, an
acceptable assumption except when working with organic
soils or soils containing additives such as asphalt. For
a saturated soil the water content and void ratio are
uniquely related, as one can see by examining the
expressions for the two terms. Since it is much easier to
obtain weights than to obtain volumes, the soil engineer
makes considerable use of changes in water content of a
saturated soil to measure volumetric strain.

The lower part of Fig. 3.1 gives expressions for various
unit weights, i.e., the weight of a given volume. The rotal
unit weight y, is, for example, the weight of the eatire soil
element divided by the volume of the entire element.?
The dry unit weight, often called dry density, is the weight
of mineral matter divided by the volume of the entire
element. Unit weights appear in units of weight per
volume such as pounds per cubic foot, grams per cubic
centimeter, and tons per cubic meter.

2 The symbol y is also used for total unit weight.

29




30 PART II THE NATURE OF SOIL

Volumes

(a) %

Fig. 3.1 Relationships among soil phases. (a) Element of

natural soil. (b) Element separated into phases.
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Specific gravity is the unit weight divided by the unit
weight of water. Values of specific gravity of solids G
for a selected group of minerals® are given in Table 3.1.

Table 3.1 Specific Gravities of Minerals

Quartz 2.65
K-Feldspars 2.54-2.57
Na-Ca-Feldspars 2.62-2.76
Calcite 272
Dolomite - 2.85
Muscovite - 27-31
Biotite 2.8-3.2
Chlorite 2.6-2.9
Pyrophyllite 2.84
Serpentine 2.2-2.7
Kaolinite 2.61*
2.64 4 0.02
~ Halloysite (2 H,0) 2.55
1llite 2.84*
2.60-2.86
Montmorillonite 2.74*
2.75-2.78
Attapulgite 2.30

* Calculated from crystal structure.

The expression Gw = Se is useful to check computa-
tions of the various relationships.

The student in soil mechanics must understand the
meanings of the relationships in Fig. 3.1, convince him-
self once and for all that they are correct, and add these
terms to his active vocabulary. These relationships are
basic to most computations in soil mechanics and thus
are an essential part of soil mechanics. )

Typical Values of Phase Relationships for
Granular Soils

Figure 3.2 shows two of the many possible ways that
a system of equal-sized spheres can be packed. The dense
packings represent the densest possible state for such a
system. Looser systems than the simple cubic packing
can be obtained by carefully constructing arches within
the packing, but the simple cubic packing is the loosest of
the stable arrangements. The void ratio and porosity of

3 Chapter 4 discusses the common soil minerals.




Fig. 3.2 Arrangements of uniform spheres. (a) Plan and
elevation view: simple cubic packing. (b) Plan view: dense
packing. Solid circles, first layer; dashed circles, second
layer; o, location of sphere centers in third layer: face-
centered cubic array; X, location of sphere centers in third
layer: close-packed hexagonal array. (From Deresiewicz,
1958.)

these simple packings can be computed from the geom-
etry of the packings, and the results are given in Table 3.2.

This table also gives densities for some typical granular
soils in both the ““dense” and “‘loose” states. A variety of

tests have been proposed to measure the maximum and

Table 3.2 Maximum and Minimum Densities for
Granular Soils

. Dry Unit
Void Ratio  Porosity (%) Weight (pcf)

Description

Uniform spheres 0.92 0.35" 47.6 26.0 — _—
Standard Ottawa

sand 0.80 0.50 44 33 92 110
Clean uniform

sand 1.0 040 50 29 83 118
Uniform inorganic

silt’ 1.1 0.40 52 29 80 118
Silty sand 0.90 0.30 47 23 87 127
Fine to coarse

sand 0.95 0.20 49 17 85 138
Micaceous sand 1.2 0.40 55 29 76 120
Silty sand and

gravel 0.85 0.14 46 12 89 146

B. K. Hough, Basic Soils Engineering. Copyright © 1957, The
Ronald Press Company, New York.

minimum void ratios (Kolbuszewski, 1948). The test to
determine the maximum density usually involves some
form of vibration. The test to determine minimum
density usually involves pouring oven-dried soil into a
container. Unfortunately, the details of these tests have

max - ®min  "max "min YdminYdmax -
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not been entirely standardized, and values of the maxi-
mum density and minimum density for a given granular
soil depend on the procedure used to determine them.
By using special measures, one can obtain densities
greater than the so-called maximum density. Densities
considerably less than the so-called minimum density can
be obtained, especially with very fine sands and silts, by
slowly sedimenting the soil into water or by fluffing the
soil with just a little moisture present.

The smaller the range of particle sizes present (i.c., the
more nearly uniform the soil), the smaller the particles,
and the more angular the particles, the smaller the
minimum density (i.e., the greater the opportunity for

_building a loose arrangement of particles). The greater

the range of particle sizes present, the greater the maxi-
mum density (i.e., the voids among the larger particles
can be filled with smaller particles).

A useful way to characterize the density of a natural
granular soil is with relative density D,, defined as

D, = Sfmx "% 100%

¢ €max ~ Cmin

_ )’dma..\' % Ya ~ Yamin x 1009 (3.1)

Yua Ydmax ™ Ydmin

where

e.in = void ratio of soil in densest condition
emax = void ratio of soil in Joosest condition
e = in-place void ratio
Yamax = dry unit weight of soil in densest condition
Yamin = dry unit weight of soil in loosest condition
yq = in-place dry unit weight

Table 3.3 characterizes the density of granular soils on
the basis of relative density.

Table 3.3 Density Description

Relative Density.(%) Descriptive Term

0-15 Very loose
15-35 Loose
35-65 Medium
65-85 Dense
85-100 Very dense

Values of water content for natural granular soils vary
from less than 0.1 9 for air-dry sands to more than 409
for saturated, loose sand.

Typical Values of Phase Relationships for
Cohesive Soils

The range of values of phase relationships for cohesive
soils is much larger than for granular soils. Saturated
sodium montmorillonite at low confining pressure cian
exist at a void ratio of more than 25; saturated clays
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compressed under the high stresses (e.g., 10,000 psi) that
exist at great depths in the ground can have void ratios
less than 0.2

Using the expression Gw = Se (Fig. 3.1), we can com-
pute the water contents corresponding to these quoted
values of void ratio:

Sodium montmorillonite
Clay under high pressure

900 %
7%

If a sample of oven-dry Mexico City clay. sits in the
laboratory (temperature = 70°F, relative humidity =
509%), it will absorb enough moisture from the atmos-
phere for its water content to rise to 21 % or more. Under

similar conditions, montmorillonite can get to a water
content of 20%,.

3.2 PARTICLE SIZE CHARACTERISTICS

The particle size distribution of an assemblage of soil
particles is expressed by a plot of percent finer by weight
versus diameter in millimeters, as shown in Fig. 3.3.
Using the definition for sand, silt, and clay noted at the
top of this figure* we can estimate the make-up of the soil
sample as:

Gravel 2%
Sand 85%
Silt 12%
Clay 1%

4 This sct of particle size definitions is convenient and widely used.
A slightly different sct is given in Tables 3.5 and 3.6.

Particle size distribution curve (From Lambe, 1951).

The uniformity of a soil can be expressed by the
uniformity coefficient, which is the ratio of Dgy to Dy,
where Dy, is the soil diameter at which 60% of the soil
weight is finer and D, is the corresponding value at 10%
finer. A soil having a uniformity coefficient smaller than
about 2 is considered “uniform.” The uniformity of the
soil whose distribution curve is shown in Fig. 3.3 is 10.
This soil would be termed a “well-graded silty sand.”

There are many reasons, both practical and theoretical,
why the particle size distribution curve of a soil is only
approximate. As discussed in Chapter 4, the definition
of particle size is diflferent for the coarse particles and
the fine particles.

The accuracy of the distribution curves for fine-grained
soils is more questionable than the accuracy of the curves
for coarse soils. The chemical and mechanical treatments
given natural soils prior to the performance of a particle
size analysis—especially for a hydrometer analysis—
usually result in effective particle sizes that are quite
different from those existing in the natural soil. Even il
an exact particle size curve were obtained, it would be ol
only limited value. Although the behavior of a cohesion-
less soil can often be related to particle size distribution,
the behavior of a cohesive soil usually depends” much
more on geological history and structure than on particle
size. '

In spite of their serious limitations, particle size curves,
particularly those of sands and silts, do have practical
value. Both theory and laboratory experiments show

i




Table 3.4 Atterberg Limits of Clay Minerals

Exchange- Liquid Plastic Plasticity Shrinkage

able Limit  Limit Index Limit

Mineral Ion (%) (%) (%) (%)
Montmorillonite Na 710 54 656 9.9
K 660 98 562 9.3

Ca 510 81 429 10.5

Mg 410 60 350 14.7

Fe 290 s 2135 10.3
Fes 140 73 67 —

Tilite | Na 120 53 67 15.4
: K 120 60 60 17.5

Ca 100 45 55 16.8

Mg 95 46 49 14.7

Fe 110 49 61 15.3
Fe® 79 46 33 —

Kaolinite Na 53 32 21 26.8
K : 49 29 20 —

Ca 38 27 11 24.5

Mg 54 31 23 28.7

Fe 59 37 22 29.2
Fet - 56 35 21 —

Attapulgite H 270 150 120 7.6

Data from Cornell, 1951.
& After five cycles of wetting and drying.

that soil permeability and capillarity are related to some
effective particle diameter. These relationships are
discussed latc: in the book.

The method of designing inverted filters for dams,
levees, etc., uses the particle size distribution curves of
the soils involved. This method is based on the relation-
ship of particle size to permeability, along with experi-
mental data on the particle size distribution required to
prevent the migration of 'particles when water flows
through the soil. Also, the most common criterion for
establishing the susceptibility of soils to frost damage is
based on particle size.

3.3 ATTERBERG LIMITS

Largely through the work of A. Atterberg and A.
Casagrande (1948), the Atterberg limits and related
indices have become very useful characteristics of assem-
blages of soil particles. The limits are based on the con-
cept that a fine-grained soil can exist in any of four states
depending on its water content. Thus a soil is so/id when
dry, and upon the addition of water proceeds through
the semisolid, plastic, and finally liquid states, as shown
in Fig. 3.4. The water contents at the boundaries between
adjacent states are termed shrinkage limit, plastic limit,
and liguid limit. The four indices noted in Fig. 3.4 are
computed from these limits.

The liquid limit is determined by measuring the water
content and the number of blows required to close a
specific width groove for a specified length in a standard
liquid limit device. The plastic limit is determined by
measuring the water content of the soil when threads of
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the soil § in. in diameter begin to crumble. The shrinkage
limit is determined as the water content after just enough
water is added to fill all the voids of a dry pat of soil. The
detailed procedures for determining these three limits are
given in Lambe (1951). Table 3.4 gives Atterberg limits
for some common clay minerals.

Physical Significance of the Atterberg Limits

The concept of a soil existing in various states, depend-
ing on its moisture content, is a sound one. The greater
the amount of water a soil contains, the less interaction
there will be between adjacent particles and the more the
soil should behave like a liquid.

In a very general way, we may expect that the water
that is attracted to surfaces of the soil particles should
not behave as a liquid. Thus, if we compare two soils
A and B, and if soil 4 has a greater tendency to attract
water to the particle surfaces, then we should expect that
the water content at which the two soils begin to behave
as a liquid will be greater for soil 4 than for soil B. That
is, soil A4 should have a larger liquid limit than soil B.
We might expect that the same reasoning would apply
to the plastic limit, and hence to the plasticity index.

However, the limits between the various states have

Fluid soil-water -

mixture Liquid State
Liquid Limit, wy
5
I Plastic State
(&)
5 Plastic Limit, wp
©
z
=4 Semisolid State
@
g Shrinkage Limit, w,
2
- Solid State
Dry soil

Fig. 3.4 Atterberg limits and related indices.

Plasticity Index:
' I, or Pl=w, —w,
Flow Index:

I; = Slope of flow curve (flow curve is plot of
water content vs number of blows, log
scale)

Toughness Index:

], =2
t If

Water-plasticity Ratio B Wo — W,

Liquidity Index LI or Iy, T owy — W,

w, = natural water content
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been set arbitrarily, and thus it is unlikely that the limits
per se can be completely interpreted fundamentally. That
is, it is unlikely that the magnitude of the liquid limit for
a particular soil can be tied quantitatively to the thick-
ness of the adsorbed water layer.

The difficulty of interpreting fundamentally the Atter-
berg limits should not deter their use. The student should
think of them as approximate boundaries between the
states in which fine-grained soils can exist, and not worry
too much about attaching significance to the exact value
of the arbitrarily determined limits.

Relationship of Atterberg Limits
to Composition of Soil

Let us make further use of the concept that the Atter-
berg limits for a soil are related to the amount of water
that is attracted to the surfaces of the soil particles.
Because of the great increase in surface area per mass
with decreasing particle size (as discussed in Chapter 5),
it may be expected that the amount of attracted water
will be largely influenced by the amount of clay that is
present in the soil. On the basis of this reasoning,
Skempton (1953) defined a quantity he called activity:

plasticity index

tivity of a clay = 2
Activity of a clay % by weight finer than 2 u (32

Figure 3.5 shows some results obtained on prepared
mixtures of various percentages of particles less than and
greater than 2 u. In Part (a) several natural soils were
separated into fractions greater and less than 2 u and then
the two fractions were recombined as desired. The results

in the right diagram were obtained on cay minerals

mixed thh quartz sand.

100
A Shellhaven
80 |- 3/ (1.33)
London clay
% 60 A 0%
'g (]
5
G Weald clay
F 40 < (063) —
a.
Horten
20 (0.42)
0
0 20 40 60 80 100
Clay fraction (< 2 u) (%) .

(a)

Fig. 3.5 Relation between plasticity index and clay fraction.
(From Skempton, 1953.)

“activities” of the clays.

Engineering Use of Atterberg Limits

The Atterberg limits ar.d related indices have proved
to be very useful for soil identification and classification,
as shown in the next section. The limits are often used
directly in specifications for controlling soil for use in fill
and in semiempirical methods of design.

The plasticity index, indicating the magnitude of water
content range over which the soil remains plastic, and the
liquidity index, indicating the nearness of a natural soil
to the liquid limit, are particularly useful characteristics
of soil. One must realize, however, that all of the limits
and indices with the exception of the shrinkage limit are
determined on soils that have been thoroughly worked
into a uniform soil-water mixture. The limits therefore
give no indication of particle fabric or residual bonds
between particles which may have been developed in the
natural soil but are destroyed in preparing the specimen
for the determinations of the limits.

3.4 SOIL CLASSIFICATION

The direct approach to the solution of a soil engineering
problem consists of first measuring the soil property
needed and then employing this measured value in some
rational expression to determine the answer to the prob-
lem. Examples of this approach are:

1. To determine the rate of water flowing through a
sample of soil, measure the permeability of the soil,
and use this value together with a flow net and
Darcy’s law to determine the flow.

2. To determine the settlement of a building, measure
the compressibility of the soil, and use this value in

500 ] T /
400 |__ Sodium mgntrnoriilonite//
(A=7.2)
/
> / ’
2 300 A
£
] /
é 200 /
/
/
100 7 —
/ Wite (A=02_—
/ T Kaolinite (A=0.38) ]
0 e T —— e T T
0 20 40 60 80 100
Clay fraction (<2 u) (%)

(b)

Figures in parentheses are the
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Dilatancy (Reaction to shaking):

After removing particles larger than No. 40 sieve size, prepare a pat of
moist soil with a volume of about onc-half cubic inch. Add enough
water if necessary to make the soil soft but not sticky.

Place the pat in the open palm of one hand and shake horizontally, striking

A positive reaction
consists of the appearance of water on the surface of the pat which
changes 1o a livery consistency and becomes glossy. When the sample
is squeczed between the fingers, the water and gloss disappear from the
surface, the pat stiffens and finally it cracks or crumbles. The rapidity
of appearance of water during shaking and of its disappearance during
squeezing assist in identifying the character of the fines in a soil.

Very fine clean sands give the quickest and most distinct reaction whereas
a plastic clay has no reaction. Inorganic silts, such as a typical rock
flour, show a moderately quick reaction.

vigorously against the other hand several times.

Field Identification Procedure for Fine Grained Soils or Fractions . . ith th
These procedures are to be performed on the minus No. 40 sicve size particies, approximately L¢, in. For field classification purposes, screening is not intended, simply remove by hand the coarse particies that interfere With the tests.
Toughness (Consistency near plastic limit):

Dry Strength (Crushing characteristics):

After removing particles larger than No. 40 sieve size, mould a pat of soil

to the consistency of putty, adding water if necessary. Allow the pat to

dry completely by oven, sun or air drying, and then test its strength by

breaking and crumbling between the fingers. This strength is a measure

of the character and quantity of the colloidal fraction contained in the
soil. The dry strength increases with increasing plasticity. -

High dry strength is characteristic for clays of the CH group. A typical
inorganic silt possesses only very slight dry strength. Silty fine sands
and silts have about the same slight dry strength, but can be distinguished
by the feel when powdering the dried specimen. Fine sand feels gritty
whereas a typical silt has the smooth feel of flour.

After removing particles larger than the No. 40 sicve size, a specimen of

soil about one-half inch cube in size, is moulded to the consistency of

putty. If too dry, water must be
should be spread out in a thin layer a
by evaporation. Then the specimen i
surface or between the palms into a

added and if sticky, the specimen
and allowed to Josec some moisture
s roticd out by hand on a smooth
thread about onc—cight inch in

diameter. The thread is then folded and.rc-rolled repeatedly. During
this manipulation the maisture content is gradually reduced and the
specimen stiffens, finally Joses its plasticity, and crumbies when the
plastic limit is reached.

After the thread crumbles, the pieces should be lumped together and a

slight kneading action continued until the lump crumbles.

‘The tougher the thread near the plastic Jimit and the stiffer the Jump when

it finally crumbles, the more potent is the colloidal clay fraction in the
soil. Weakness of thc thread at the plastic limit and quick loss of
coherence of the lump below the plastic limit indicate either inorganic
clay of low plasticity, or materials such as kaolin-type clays and organic

~tasir suhinkh amcnre Ralaas the Allines



Table 3.6 Soil Components and Fractions

Significant Properties

Boulders and cobbles are very stable components, used for fills,
ballast, and to stabilize slopes (riprap). Because of size and
weight, their occurrence in natural deposits tends to improve the
stability of foundations. Angularity of particles increases
stability. '

‘

Gravel and sand have essentially same engineering properties
differing mainly in degree. The No. 4 sieve is arbitrary division,
and does not correspond to significant change in properties.
They arc easy to compact, little affected by moisture, not subject
to frost action. Gravels are generally more perviously stable,
resistant to erosion and piping than are sands. The well-graded
sands and gravels are generally less pervious and more stable
than those which are poorly grad.ed (uniform gradation). Ir-
regularity of particles increases the stability slightly. Finer,
uniform sand approaches the characteristics of silt: i.e,, de-
crease in permeability and reduction in stability with increase in
moisture.

Silt is inherently unstable, particularly when moisture is increased,
with a tendency to become quick when saturated. It-is rela-
tively impervious, difficult to compact, highly susceptible to
frost heave, easily erodible and subject to piping and boiling.
Bulky grains reduce compressibility; flaky- grains, i.e., mica,
diatoms, increase compressibility, produce an ‘‘elastic” silt.

The distinguishing characteristic of clay is cohesion or cohesive
strength, which increases with decrease in moisture. The per-
meability of clay is very low, it is difficult to compact when wet
and impossible to drain by ordinary means, when compacted is
resistant to erosion and piping, is not susceptible to frost heave,
is subject to expansion and shrinkage with changes in moisture.
The properties are influenced not-only by the size and shape (flat,
plate-like particles) but also by their mineral composition; i.e.,
the type of clay-mineral, and chemical environment or base
exchange capacity. In general, the montmorillonite clay mineral
has greatest, illite and kaolinite the least, adverse effect on the
properties.

. Soil s e
Soil Component Symbol Grain Size Range and Description

Bouider None Rounded to angular, bulky, hard, rock
particle, average diameter more than
12in.

Cobble None Rounded to angular, bulky, hard, rock
particle, average diameter smaller
than 12 in. but larger than 6 in.

v
£ | Gravel G Rounded to angular bulky, hard, rock
5 particle, passing 3-in. sieve (76.2 mm)
g‘ retained on No. 4 sieve (4.76 mm)
8 _— -
E Coarse 3-to §-in.
3 -
& Fine $-in. to No. 4
L
Wy
S | Sand S Rounded to angular, bulky, hard, rock
© particle, passing No. 4 sieve (4.76
mm)retained on No0.200 sieve (0.074
mm)
Coarse No. 4 to 10 sieves
Medium No. 10 to 40 sieves
Fine No. 40 to 200 sieves

Silt M Particles smaller than No. 200 sieve
(0.074 mm) identified by behavior:
that is, slightly or non-plastic regard-
less of moisture and exhibits little or
no strength when air dried

vy

=

L

=

2. Clay C Particles smaller than No. 200 sieve
E (0.074 mm} identified by behavior;
; that is, it can be made to exhibit
E plastic properties within a certain
e range of moisture and exhibits con-
on . . .

é siderable strength when air dried

= .

Organic o Organic matter in various sizes and

matter stages of decomposition

Organic matter present even in moderate amounts increases the
compressibility and reduces the stability of the fine-grained com-
ponents. It may decay causing voids or by chemical alteration
change the properties of a soil, hence organic soils are not
desirable for engineering uses.

From Wagner, 1957.
Note. The symbols and fractions were developed for the Unified Classification System. For field identification, } in. is assumed equivalent to
the No. 4, and the No. 200 is defined as “‘about the smallest particle visible to the unaided eye.” The sand fractions are not equal divisions

on a logarithinic plot; the No. 10 was selected because of the significance attached to that size by some investigators, The No. 40 was chosen
becausc the ‘Atterberg limits™ tests are performed on the fraction of soil finer than the No. 40.
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Table 3.7 Engineering Use Chart

Important Properties

Relative Desirability for Various Uses

Rolled Earth Dams Canal Sections Foundations Roadways
Shearing | Compressi-
Typical Names Group | p, bilit Strength bility t\:\./l‘.):ka' Fills
of Soil Groups Symbols erm;a ity when when ! 'Cy a5 | Homo- Erosion Com- | ¢.oiave | Seenage
C when Compacted | Compacted |, 2 ~%7" | geneous .., | pacted p-g p g_ Frost- Sur-
ompacted struction Core | Shell. | Resist Im not Im Frost -
-and and M jal Embank- ance Earth ortant ortant Heave Heave facing
Sa.urated | Saturated ateria ment - Lining P P not Possibl
- Possible ossible
Weli-graded gravels, gravel-sand
mixtures, little or no fines GW pervious excellent | negligible | excellent — — 1 1 —_ — 1 1 1 3
Poorly graded gravels, gravel-
sand mixtures, little or no fines GP very pervious good negligible good — — 2 2 — — 3 3 3 —
Silty gravels, poorly graded semipervious
gravel-sand-silt mixtures GM to impervious good negligible good 2 4 — 4 4 1 4 4 9 5
Clayey gravels, poorly graded
gravel-sand-clay mixtures GC impervious good to very low good 1 1 — 3 1 2 6 5 5 1
fair
Well-graded sands, gravelly sands, 3
little or no fines SW pervious excellent | negligible | excellent — — if 6 — — 2 2 2 4
gravelly
4 7
Poorly graded sands, gravelly if if
sands, little or no fines SP _pervious good very low fair — — | gravelly | gravelly — — 5 6 4 —
8 5
Silty sands, poorly graded sand- semipervious if erosion
silt mixtures SM to impervious good low fair 4 5 — gravelly | critical 3 7 8 10 6
Clayey sands, poorly graded sand- good to : -
clay mixtures SC impervious fair Jow good 3 2 — 5 2 4 8 7 6 2
Inorganic silts and very fine sands, 6 -
rock flour, silty or clayey fine semipervious erosion
sands with slight plasticity ML to impervious fair medium fair 6 6 — — critical 6 9 10 11 —
Inorganic clays of low to medium
plasticity, gravelly clays, sandy good to
clays, silty clays, lean clays CL impervious fair medium fair 5 3 — 9 3 5 10 9 7 7
7
Organic silts and organic silt-clays semipervious erosion
of low plasticity oL to impervious poor medium fair 8 8 —_ — critical 7 11 11 12 —
Inorganic silts, micaceous or dia-
tomaceous fine sandy or silty semipervious fair to
soils, elastic silts MH | to impervious poor high poor 9 9 — —_— — 8 12 12 13 -
8
volume
Inorganic clays of high plasticity, change
fat clays CH impervious poor high poor 7 7 — 10 critical 9 13 13 8 -
Organic clays of medium to high
plasticity OH impervious poor high poor 10 10 — — — 10 14 14 14 —
Peat and other highly organic soils Pt — — — — — — — — — — — — — -

From Wagner, 1957.



38 PART II THE NATURE OF SOIL

settlement equations based on Terzaghi’s theory of
consolidation.

3. To evaluate the stability of a slope, measure the
shear strength of the soil and substitute this value
in an expression based on the laws of statics.

To measure fundamental soil properties like permeability,
compressibility, and strength can be difficult, time con-
suming, and expensive. In many soil engineering prob-
lems, such as pavement design, there are no rational
expressions available for the analysis for the solution.’
For these reasons, sorting soils into groups showing
similar behavior may be very helpful. Such sorting is
soil classification.

Soil classification is thus the placing of a soil into a
group of soils all of which exhibit similar behavior. The
correlation of behavior with a group in a soil classifica-
tion system is usually an empirical one developed through
considerable experience. Soil classification permits us to
solve many types of simple soil problems and guide the
test program if the difficulty and importance of the prob-
lem dictate further investigation.

Most soil classifications employ very simple index-type
tests to obtain the characteristics of the soil needed to
placeitina given group. Clearly a soil classification loses
its value if the index tests become more complicated than
the test to measure directly the fundamental property
needed. The most commonly used characteristics are
particle size and plasticity.

Since soil classifications are developed as an attempt
to aid in the solution of problems, classifications for
many types of problems have grown. Thus, for use in
flow problems, soils are descnbed as having degrees of
permeability such as high, medium, low, very low,
practically impermeable. The Corps of Engineers has
developed a frost susceptibility classification in which,
on the basis of particle size, we can classify soil in
categories of similar frost behavior. The Bureau of
Public Roads developed a classification for soils in high-
way construction. The Corps of Engineers and FAA
each developed a classification for airfield construction.
In 1952 the Bureau of Reclamation and the Corps of
Engineers developed a “‘unified system” intended for use
in all engineering problems involving soils. This classi-
fication is presented in Tables 3.5 and 3.6. Table 3.7 gives
a general indication of the permeability, strength, and
compressibility of the various soil groups along with an
indication of the relative desirability of each’group for
use in earth dams, canal sections, foundations, and run-
ways.

Soil classification has proved to be a valuable tool to
the soil engineer. It helps the engineer by giving him

- general guidance through making available in an empir-
ical manner the results of field experience. The soil
engineer must be caufious, however, in his use of soil

classification. Solving fluw, compression, and stability
problems merely on the basis of soil classification can
lead to disastrous results. As this book will show in
subsequent chapters, empirical correlations between
index properties and fundamental soil behavior have
many large deviations.

3.5 SUMMARY OF MAIN POINTS

1. There are a number of terms (given in,Fig. 3.1) used
to express the phase relationships in an element of
soil. These terms are an essential component of soil
mechanics. |

2. The looseness of a sand is expressed by its relative
density, which is a most reliable indicator of the
behavior of the sand.

3. The particle size distribution and the Atterberg
limits are useful index tests for classifying soils.
Since the conduct of these tests inherently involves
disturbance of the soil, they may not give a good
indication of the behavior of the in situ, undisturbed
soil.

PROBLEMS

3.1 Four soil samples, each having a void ratio of 0.76 and
a specific gravity of 2.74, have degrees of saturation of 85,
90, 95, and 1007;. Determine the unit weight for each of the
four samples. .

3.2 A cubic foot of soil in its natural state weighs 113 Ib;
after being dried it weighs 96 1b. The specific gravity of the
soil is 2.70. Determine the degree of saturation, void ratio,
porosity, and water content for the soil as it existed in its
natural state.

3.3 A container of saturated 5011 weighed 113.27 g before
it was placed in an oven and 100.06 g after it remained in the
oven overnight. The container alone weighs 49.31 g; the
specific gravity of the soil is 2.80. Determine the void ratio,
porosity, and water content of the original soil sample.

3.4 A saturated soil has a unit weight of 120 pcf and a
water content of 32.5%. Determine the void ratio and specific
gravity of the soil.

3.5 A sample of dry sand havmg a unit wexght of 105 pef
and a specific gravity of 2.70 is placed in the rain. During
the rain the volume of the sample remains constant but the
degree of saturation increases to 40%;. Determine the unit
weight and water content of the soil after being in the rain.

3.6 Determine the submerged. unit weight of each of the
following chunks of saturated soil:

a. A silty sand, total unit weighi = 131 pcf;

b. A lean clay, total unit weight = 122 pcf;

c. A very plastic clay, total unit weight = 106 pcf. Assume
reasonable values for any additional data which you need.

3.7 For a soil with a specific gravity of 2.70 prepare a
chart in which total unit weight (units of gm/cm®, range of
1.0-2.5) is plotted as ordinate and void ratio (range of 0.2-1.8)
is plotted as abscissa. Plot for the three percentages of satura-
tion of 0, 50, and 100 %;.
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3.8 Prove Gw = Se

3.9 A sample of parallel kaolinite particles (all have the
size shown in Fig. 5.6) is saturated. The water content is 30 7.

What is the average particle spacing?

3.10 A sieve analysis on a soil yields the following results:

Sieve 3in. 2in. lin. }in.  #4  #10
Pe}r)z’s‘i‘sge 100 95 84 74 62 55
Sieve #20  #40  #60  #100  #200
Percentage | 44 32 24 16 9

passing

Diameter (mm)

Fig. P3.10

a. Plot the particle size distribution of this soil on Fig.
P3.10 and classify the soil on the basis of the scale shown in
the ﬁgure, k

b. Comment on the suitability of this soil as drainage
material behind a concrete retaining wall.

Hints. (a) Use Tables 3.5-3.7 to predict whether or not
soil will be pervious, easy to work as construction material,
etc. (b) A common guide for frost susceptibility is percentage
finer than 0.02 mm must be less than 39 for material to be
nonfrost susceptible.

3.11 Prove that the identity given by Eq. 3.1 is correct.




CHAPTER 4

Description of an Individual Soil Particle

A sample of soil consists of an assemblage of many
individual soil particles with air and/or liquid filling the
voids among the particles. This chapter examines the
individual soil particle.

4.1 APPEARANCE OF A SOIL PARTICLE

Particle Size

The size of a particle, other than a sphere or cube,
cannot be uniquely defined by a single linear dimension.
The meaning of “particle size” therefore depends on the
dimension that was recorded and how it was obtained.
Two common ways of determining particle size are a
sieve analysis' for particles larger than approximately
0.06 mm and a hydrometer analysis* for smaller particles.
In the sieve analysis, the soil particles are shaken on a
sieve with square openings of specified size. Thus the
“size” of a particle larger than 0.06 mm is based on
the side dimension of a square hole in a screen. In the
hydrometer analysis, the “size’ of a particle is the diam-
cter of a sphere which settles in water at the same velocity
as the particle.

Soil particles vary in size from 1 x 10~ mm, i.e.,
10 A, up to large rocks several meters in thickness, a
range of one to more than a billion. The tremendous
magnitude of this range can be better grasped by noting
that the size range between a moth ball or child’s marble
and our earth is also a one to a billion.

In describing the size of a soil particle, we can cite
either a dimension or a name that has been arbitrarily
assigned to a certain size range. Table 4.1 gives such a
set of names with their corresponding particle size ranges.
(Noted in Table 4.1 in parentheses are other numerical
values which are also used.) The word “clay” is also used
to describe a fine-grained soil having plasticity, as was
discussed in Chapter 3. We can avoid confusion by

! The detailed procedures for these analyses are gi jen in Lambe
(1951).
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Table 4.1 Particle Size'

Boulder >12in.
Cobble 6 to 12 in.
Gravel 2.0 mm (or 4.76 mm) to 6 in.

Sand 0.06 (or 0.076 mm) to 2.0 mm (or 4.76 mm)
Silt 0.002 to 0.06 mm (or 0.074 mm)
Clay < 0.002 mm

employing “clay size” rather than merely “clay” to
denote a particle smaller than 2 p.- -+

In Fig. 4.1 are plotted the sizes of various particles and
the ranges of some methods of detecting particle size. A
widely used soil particle size classification is shown at the
top of Fig. 4.1. A study of this figure will give perspective
to particle size and its determination.

Particle Shape

The preceding discussion noted that the size of a']par—
ticle could be given by a single number only when the
particle was equidimensional, as a cube or sphere. This
situation is not too far from true for soil particles in the

silt range and coarser, but it is far from true for particles

in the clay size range. Thi$ is illustrated in Figs. 4.2 and
4.3, which show sand particles, and in Fig. 4.4, which
shows clay particles. Sheetlike particles, such as mica,
do occur in the silt and larger size portions of soil, and
particles having shapes such as those shown in Figs. 4.2
and 4.3 do occur in the clay size range. In general, how-
ever, most of the particles in the silt range and coarser
are approximately equidimensional and most of those in
the clay size are far from equidimensional. The most
common shape for clay size particles is platey, as are the
kaolinite particle and illite particle shown in Fig. 4.4.
Rods and laths, however, are found in soils, generally in
the clay size fraction. ‘

Geologists working with rocks describe particle shapes
using such terms as disk, sphere, blade, and rod on the
basis of dimension ratios. The civil engineer generally
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finds it impractical to characterize numerically particle
shape because of the smali-sized particles with which he
normally works.

Degree of Roundness, Surface Texture, and Color

The degree of roundness refers to the sharpness of the
edges and corners of a particle. Figure 4.5 shows five
levels of degree of roundness.

Minor features of a surface of a particle, independent
of size, shape, or degree of roundness, are termed
“surface texture” of the particle. Some terms used to
describe surface texture are dull or polished, smooth or
rough, striated, frosted, etched, or pitted.

Color is a useful particle characteristic to the geologist
working in mining, but it is of little value to the soil
engineer. The soil engineer does, however, frequently
use color to describe an assemblage of particles, e.g.,
Boston blue clay. He must use color descriptions with
caution, since the color of a soil mass can change with a
change in moisture content or chemical composition.

The soil particles in Figs. 4.2, 4.3, and 4.4 illustrate
several features of particle appearance. The Ottawa sand
and Raguba particles are well rounded and frosted. The
particles of sand formed by crushing large mineral chunks
(Fig. 4.2d, e, and f) have sharp edges and corners, and
their surfaces are not striated, frosted, or etched. The
photographs of the Venezuelan sand show that compres-
sion to high pressures may cause considerable crushing of
particles. The natural Venezuelan sand (Fig. 4.2h) had
49 of its particles finer than 0.074 mm, whereas after
compression (Fig. 4.2i) it had 209, of its particles finer
than 0.074 mm. '

All of the Libyan sands shown except the Raguba sand

are from near the Mediterranean Sea and are 70-90%
carbonate minerals. The Raguba sand came from the
desert 100 miles away from the sea and is 989 quartz:
The carbonate sands, especially those in Fig. 4.34, have
a high degree of aggregation (i.e., joining together of
particles by cementation), as can be seen. This aggre-
gation inevitably affects the behavior of the soil. For
example, tests on undisturbed specimens of the aggre-
gated sand displayed a significant time dependency of the
stress-strain behavior. However, tests on reconstituted
specimens in which the aggregation has been disintegrated
show less time dependency.

The kaolinite particle in Fig. 4.4 is about 1 u across
and 0.08 u thick. Two smaller kaolinite particles can be
seen on top of the large one. The surface of the kaolinite
particle appears to be smooth to a scale of probably
100 A. The smallest clay particles, montmorillonite, can
and do commonly exist in platelets as thin as 10 A and
are smooth to within an angstrom.

42 COMPOSITION OF A SOIL PARTICLE

The beginning student in soil mechanics usually reasons
with apparent logic that the composition of the individual
particles in an element of soil is an important character-
istic of soil. This belief is false since there are few use-
ful, general relationships between soil composition and
soil behavior. On the other hand, this belief is true as far
as a fundamental understanding of soil behavior is con-
cerned.” The nature and arrangement of the atoms in a
soil particle—i.e., composition—have a significant influ-
ence on permeability, compressibility, strength, and stress
transmission in soils, especially in fine-grained soils. There




Fig. 4.2 Sand particles. (a) Ottawa sand, 0.42 to 0.84 mm. (b) Ottawa sand, 0.19 to 0.42 mm. (c) Ottawa sand, 0.11 to
0.19 mm. (d)Ground feldspar, 0.19 to 0.42 mm. (¢} Ground quartz, 0.19 to 0.42 mm. (f) Ground dolomite, 0.19 to 0.42 mm.

(¢) Hawaiian beach sand. (h) Venezuclan sand. (/) Venczuclan sand (sand / aflter compression to 20,000 psi). (From
Roberts, 1964.) :
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Fig. 4.3 Sands from Libya (0.15 to 0.25 mm fraction). (@) Plant site, Brega. (b)
Harbor bottom, Brega. (¢) Gas plant, Brega. (d) Raguba. (e) Crude tank farm, Brega.
(Sands supplied by ESSO Libya; Photos by R. T. Martin, M.1.T.)
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44 PART 1I THE NATURE OF SOIL

Fig. 44 Clay particles. (a) Kaolinite (From Lambe, 1951). (b) lllite (by R. T. Martin, M.LT.).

are certain minerals that can give a soil containing them-
unusual properties. Two examples are montmorillonite
and halloysite. Montmorillonite can cause a soil to be
highly expansive and halloysite can cause soil to have a
very low unit weight. These and other relationships be-
tween composition and behavior are noted in later chap-
ters. Thus the student needs to study soil composition if
he is to understand the fundamentals of clay behavior and
particularly the dependence of this behavior on time,
pressure, and environment. In explaining soil behavior,
later chapters in this book will make use of the material
presented in the remaining part of this chapter on soil
composition.

A soil particle may be either organic or inorganic.
Little is known about the composition of organic soil;
in fact, at the present state of knowledge, the engineer
makes little attempt to identify the actual organic com-
pounds in soil. There are soils that are composed entirely
of organic particles, such as peat or muskeg,? and there
are soils that contain some organic particles and some
inorganic particles, such as “organic silt.”

An inorganic soil particle may be either a mineral or a
rock. A mineral is a naturally occurring chemical element
or compound (i.e., has a chemical composition expres-
sible by a formula) formed by a geologic process. A rock

2 The National Research Council of Canada has had a group
studying muskeg for a number of years. The various proceedings
of Muskeg Research Conferences sponsored by NRC are an
excellent source of information on muskeg.

is the solid material which comprises the outer shell of
the earth and is an aggregate of one or more minerals or
glasses.

The rest of this chapter presents certain;principles of
mineralogy and describes a few minerals of interest to the
soil engineer. The intent of this presentation is to give
the reader some understanding of the nature and arrange-
ment of atoms in soil particles so that he can then grasp
why certain particles are small plates that are chemically
active and other particles arc large, approximately equi-
dimensional chunks that are relatively inactive. For a
detailed consideration of mineralogy the reader should
see books devoted entirely to this subject, such as Grim
(1953), Dana (1949), and Proceedings of National Con-
Jerence on Clays and Clay Minerals.®

Minerals have been classified on the basis of both the
nature of the atoms and the arrangement of the atoms.
The first classification has headings such as carbonates,
phosphates, oxides, and silicates. This classification is
of limited value to the civil engineer since the most
abundant and important minerals are silicates. In fact,
if all of the soil in the world were placed in one pile, over
90 9% of the weight of the pile would be silicate minerals.

Table 4.2 (p. 50) is a classification of silicates based
on the arrangement of atoms in the mineral. This
classification has merit for several reasons. First, it is a

3 Available from the Publications:Office of the National Academy
of Sciences, National Research Council, 2101 Constitution Avenue,
Washington 25, D.C.




Chart to show-roundncss classes. A, angular; B, subangular; C,
subrounded; D, rounded; E, well rounded.

Fig. 4.5 Degree of particle roundness {Fig. 24 Sedimentary
Rocks (1949) by F. J. Pettijohn, by permission of Harper &
Row,;Puinshers.]

definite grouping since there is only one known silicate
(vesuvianite) that falls into more than one group. Second,
there is a relationship between the atomic arrangement in
a mineral and its physical, optical, and chemical proper-
ties.

Soils are usually the products of rock weathering and
thus the most abundant soil minerals are common rock-
forming minerals and those that are most resistant to
chemical and physical weathering. The sheet and frame-
work silicate minerals are therefore the most abundant
and common soil minerals.

Basic Structural Units

The study of the silicate mineral structures may.be
facilitated by “building’ a mineral out of basic structural
units.” This approach is an educational technique and not
necessarily the method whereby the mineral is actually
formed by nature. The structures presented in this
chapter are idealized. The typical crystal in a clay is a
complex structure similar to the idealized arrangement
but usually having irregular substitutions and inter-
layering. Figure 4.6 shows a group of basic silicate units.
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The silicon-oxygen tetrahedron consists of four oxygens
nestled around a silicon atom to form the unit shown in
Fig. 4.6a. The atoms are drawn to scale on the basis of
the radii in units of angstroms given in Fig. 4.6/, The
table at the right of each unit gives the valences.

Figure 4.6c shows the aluminum-oxygen octahedron
and Fig. 4.6d the magnesium-oxygen octahedron. Com-
bining the silicon-oxygen tetrahedrons gives the silica
sheet shown in Fig. 4.6e. Combining the aluminum-
oxygen octahedrons gives gibbsite (Fig. 4.6/), and com-
bining the magnesium-oxygen octahedrons gives brucite
(Fig. 4.6g). A study of the valences in Fig. 4.6 shows that
the tetrahedron and two octahedrons are not electrically
neutral and therefore do not exist as isolated units.

_Gibbsite and brucite are, however, electrically neutral and

exist in nature as such.

Two-Layer Sheet

If we stack a brucite unit on top of a silicate unit we
get serpentine, as shown in Fig. 4.7. This figure shows
both the atomic structure and the symbolic structure.
Combining in a similar way gibbsite and silica gives the
mineral kaolinite shown in Fig. 4.8.

The actual mineral particle does not usually consist of
only a few basic layers as suggested by the symbolic
structures in Figs. 4.7 and 4.8. Instead, a number of
sheets are stacked one on top of another to form an actual
crystal—the kaolinite particle shown in Fig. 4.4 contains
about 115 of the two-layer units. The linkage between
the basic two-Jayer units consists of hydrogen bonding
and secondary valence forces.

In the actual formation of the sheet silicate minerals
the phenomenon of isomorphous substitution frequently
occurs. Isomorphous (meaning “same form”) substitu-
tion consists of the substitution of one kind of atom for
another. For example, one of the sites filled with a
silicon atom in the structure in Fig. 4.8 could be occupied
by an alitninum. Such an example of isomorphous sub-
stitution could occur if an aluminum atom were more
readily available at the site than a silicon atom during the
formation of the mineral; furthermore, aluminum has
coordinating characteristics somewhat similar to silicon,
thus it can fit in the silicon position in the crystal lattice.
Substituting the aluminum with its 4-3 valence for silicon
with its +4 valence has two important effects:

1. A net unit charge deficiency results per substitution.
2. A slight distortion of the crystal lattice occurs since
the ions are not of identical size.

The significance of the charge deficiency is discussed in
Chapter 5. The distortion tends to restrict crystal growth
and thus limits the size of the crystals.

In the kaolinite mineral there is a very small amount of
isomorphous substitution, one possibility being one
aluminum replacing one silicon in the silica sheet of the
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Fig. 4.6 Basic silicate units. (a) and (b) Silicon tetrahedron. (c)
Aluminum octahedron. (d) Magnesium octahedron. (e) Silica.

(f) Gibbsite. (g) Brucite.

mineral. The amount of this substitution needed to

explain the charge on kaolinite is one substitution for
«

every four hundredth silicon ion.

Since the basic structure of kaolinite consists of a layer
of gibbsite on top of a layer of silicate, this mineral is
called a “two-layer” mineral. Kaolinite is the most
important and most common two-layer mineral encoun-
tered by the engineer. Halloysite, having essentially the
same composition and structure as kaolinite, is an
interesting and not uncommon member of the two-layer
silicate group. The main difference between halloysite
and kaolinite is the presence of water between the basic
sheets of halloysite, which results in halloysite existing in
tubular particles.

Three-Layer Sheets

The three-layer sheet minerals are formed by placing
one silica on the top and one on the bottom of either a
gibbsite or brucite sheet. Figure 4.9 shows the mineral
pyrophyllite made of a gibbsite sandwiched between two

silica sheets.” Figure 4.10 shows the structure of the
mineral muscovite, which is similar to pyrophyllite except
that there has been isomorphous substitution of alumi-
num for silicon in muscovite. The net charge created by
this substitution is balanced by potassium ions, which
serve to link the three-layer sandwiches together, as
indicated in the symbolic stricture in Fig. 4.10.

The two most common three-layer stryctures in soil
are montmorillonite and illite type minerals. Mont-
morillonite has a structure similar to pyrophyllite with
the exception that there has been isomorphous substitu-
tion of magnesium for aluminum in the gibbsite sheet.

Figure 4.11 gives a summary of the sheet silicate
minerals of importance to the civil engineer.

Frameworks

Quartz, a framework silicate structure, has a very low
ratio of oxygen to silicon (2:1), as noted in Table 4.2. It
is thus one of the most weather resistant minerals. The
feldspars have higher oxygen to silicon ratios (2.7 to 4.0)
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Table 4.2 The Silicate Structures

. ; No. Shared Oxygen Si-0
Structural Diagrammatic ’E >
i Oxygens to Silicon Unit and Example
Group Representation per Silicon Ratio Charge
Independent 3 N Zircon -
tetrahedrons W AW 0 4:1 (Si04) ZrSi0y
Double A ’ A . _3 Akermanite
tetrahedrons W W 1 7:2 (Si034) Ca,Mg(Si07)
. . L a=2 Beryl
Chains A A A ) _ Enstatite
Single W 2 3:1 (5i09)~2 MgSiO;
Elg ; g ; i (Si03)~2 Tremolite
1 . .
Double ' 23 11:4 (SiOir;?' 1 Ca;MgsSig0,2(OH),
X X j . ) _ Pyrophytlite
Sheets i T : j : : 3 5:2 (SIOZ%) ! A[ZSidolo(OH)z
| R I !
. 1 N0 ¢ Quartz
Frameworks 4 2:1 (Si0y) Si0
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and can change through weathering into clay minerals.
Because they are very common rock-forming minerals,
the frameworks, especially quartz and feldspars, are very
abundant in soils. While these minerals sometimes occur
in clay size particles, they are most common in silt size
and larger. Because of the nature of their structure,
particles of the framework minerals tend to exist in
shapes that are approximately equidimensional.

43 SUMMARY OF MAIN POINTS

This chapter gives a very condensed and selected treat-
ment of an extensive and complex body of knowledge.
The significant points in this treatment are the following:

1. Soil particles range in size from very small to very
large.

2. Generally, sand and silt particles arc approximately
equidimensional, but clay particles are plate-shaped
or, less commonly, lath-shaped or rod-shaped.
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3. Particle size, shape, and activity can be explained
in terms of crystal chemistry of the particle.

4. Isomorphous substitution, common in the sheet
minerals, tends to retard crystal growth and gives
the crystal a net electrical charge.

PROBLEMS

4.1 Would you expect the sand shown in Fig. 4.3a to
exhibit a particle size distribution dependent on the treatment
given the sand prior to sieving? Why?

4.2 Would you disaggregate the sand (Fig. 4.3a) prior to
sieving if the purpose of the particle size testing was an attempt
to relate particle size and permeability? Why?

4.3 Draw the atomic structure of montmorillonite.
[Hint. Alter the pyrophyllite structure (Fig. 4.9) in accord-
ance with the isomorphous substitution noted in Fig.
4.11.]

4.4 Using Fig. 4.5 as a guide, classify the sands shown in
Fig. 4.2 as to roundness.

<




CHAPTER 5

Normal Stress between Soil Particles

Chapter 4 considered soil particles as individual,
isolated units. This chapter examines the interaction of
adjacent soil particles; i.e., the stresses that develop
between adjacent soil particles and the way in which
these stresses affect the way that adjacent particles fit
together. This presentation deals primarily with the
normal stresses acting between small particles which are
not in contact. Chapter 6 treats shear stresses and normal
stresses between particles in contact with each other.

In a highly schematic way, the types of forces that
exist between two adjacent soil particles are (see Fig. 5.1):

F,, = the force where the contact is mineral-mineral
F, = the force where the contact is air-mineral or
air-air
F,, = the force where the contact is water-mineral
or water-water
the electrical repulsion between the particles
the electrical attraction between the particles

Rl
Al

5.1 THE ELECTRICAL CHARGE ON A
SOIL PARTICLE

Every soil particle carries an electrical charge. This
fact can readily be demonstrated by mixing a fine-grained
soil with water in a beaker and then inserting at different
locations in the beaker two electrodes which are com-
ponents of an electrical circuit containing a battery and
an ammeter. The ammeter will indicate that the electrical
charge in the circuit is transmitted through the soil-water
mixture. Although theoretically a soil particle can carry
either a net negative or a net positive charge, only nega-
tive charges have been measured. This net electrical
charge may arise from any one or a combination of the
five following factors:

1. Isomorphous substitution.
2. Surface disassociation of hydroxyl ions.
3. Absence of cations in the crystal lattice.
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4. Adsorption of anions.
5. Presence of organic matter.

Of these five possible causes the first—isomorphous
substitution—is the most important. .

In addition to a net charge, a soil particle can carry a
distribution charge because the seat of the positive charge
and the seat of the negative charge do not coincide.
Similarly, the crystal bondmg in a soil particle results
in local charges.

Since the magnitude of the electrical charge is directly
related to the particle surface area, the influence of this
charge on the behavior of the particle relative to the
influence of mass forces (i.e., the weight of the particle)
will be directly related to the surface area per mass of
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Fig.5.1 Forces between particles. (a) Adjacent soil partlcles
(b) Forces across surface. 4




particles. The magnitude of the surface area per mass,
specific surface,' is therefore a good indication of the
relative influence of electrical forces on the behavior of
the particle. The term colloid is used to describe a par-
ticle whose behavior is controlled by the surface-derived
forces rather than mass-derived forces.

A clay particle is a colloid because of its small size and
irregular shape. The smaller a particle size the larger its
specific surface, as can be seen in Table 5.1. From this

Table 5.1
i Surface
\ Total Area +
Length of Number Total Surface Volume
Cube Side of . Volume Area 1
(cm) Particles (cm3) (cm?) cm
1 1 1 6 6
1pu =104 1012 1 60,000 60,000
Img=10"7 102 1 60,000,000 60,000,000

table we can see that the specific surface goes up directly
as the particle size goes down. As a matter of fact, the
surface area per volume of a cube is 6/L and of a sphere
is 6/D.

The size range of colloids has been more or less

arbitrarily set as I mu to 1 p, as noted in Fig. 4.1. Below

“I'my lie the diameters of atoms and molecules. Most
particles larger than approximately 1 x are predominantly
influenced by forces of mass. A specific surface of 25 m?/g
has also been suggested as the lower limit of the colloidal
range. The principles of colloidal chemistry are helpful
in the understanding of clay behavior.

Particles silt size and larger have specific surface values
of less than 1 m?g, i.e., considerably smaller than the
lower limit of the colloidal range. The “specific surface”
column in Fig. 4.11 gives typical values of specific surface
for clay particles. Note particularly the large difference
in specific surface between kaolinite (10 to 20 m?/g) and
montmorillonite (800 m?/g). The tremendous surface
area of montmorillonite can be visualized when one
realizes that 6 g of montmorillonite has approximately the
same surface area as an entire football field—or only 12 g
of montmorillonite would be needed to cover an entire
football field (to cover the field requires 2 x 6 g since the
area on both faces of the clay particles contribute to the
specific surface).

Nag 34
‘(All.67Mg0.33)Si4010(OH)2
Fig. 5.2 Montmorillonite formula.

1 Specific surface is sometimes defined as surface area per volume.
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Unit Weight:
Al 1.67 x 2697 = 45.0
Mg: 0.33 x 2432 = 8.0
Na: 033 x23.0 = 7.6
Si: 4 x28.06 =112.4
O: 12 x 16.00 = 192.0
H: 2x 1.00= 20
Total 367.0
Charge Deficiency = § electrical equivalent per 367 gram-
mol-weights
0.333 0 equivalents
o367 l_IOOgrams
= 91 me/100 g

¢ Fig. 5.3 Computation of net charge.

A soil particle in nature attracts ions to neutralize its
net charge. Since these attracted ions are usually weakly
held on the particle surface and can be readily replaced
by other ions, they are termed exchangeable ions. The
soil particle with its exchangeable ions is neutral.

As an illustration of the net charge on a soil particle,
let us consider a montmorillonite crystal approximately
1000 A in lateral dimension and one basic three-layer-
unit thick. Figure 5.2 gives the structural formula for
montmorillonite. The net negative charge of one-third
of a unit charge is shown as being balanced by an
exchangeable sodium. It is a common convention to
represent the exchangeable ion as sodium in a structural
formula, although any one or a combination of a large
number of cations can exist in the exchangeable positions.
Calcium is a very common exchangeable’ion in soil.

Figure 5.3 shows the computation for the formula
weight of montmorillonite. The formula weight of 367 g
and the charge deficiency of one-third per formula can be
expressed in terms of milliequivalents per 100 g of clay,
abbreviated as me/100 g. The computation yields 91 me/
100 g as the theoretical charge deficiency, or ion exchange
capacity, of montmorillonite. The measured exchange
capacity for montmorillonite is close to the theoretical
value of 91.

We can also make theoretical calculations of the specific
surface and the surface area per charge of a soil crystal.
Figures 5.4 and 5.5 show these computations for a

Surface area per unit = 92.6 Az
. 92.6
Volume per unit = -~ A? x 10 A = 463 A?

Wei}ht per unit = 463 A3 x 107" cm?A3 x 2.76 g/em?
= 1278 x 1072 g
92.6 A% x 10720 m?/A?
1278 x 1074 g
= 725 m*/g

Surface area per gram =

Fig. 5.4 Computation of specific surface.
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Charge deficiency = 4 per 2 cations in gibbsite

". Charge deficiency = % per 4 cations—i.e., unit in Fig. 4.9

Surface area for unit is:

2(top and bottom surfaces) x 8.9 A x 5.2 A =92.6 A?
(8.9 and 5.2 are dimensions of unit as determined from
atomic structure)

Surface area per unit charge deficiency:
92.6 A% x 3 =139 A?

Thus one net charge per surface area of 139 A?

Fig. 5.5 Computation of surface area per charge.

montmorillonite unit with four cations in the gibbsite
sheet. The computed value of 725 m?/g is close to the
experimental value given in Fig. 4.11 of 800 m?/g. (The
value of 800 m?/g was obtained from a laboratory test
in which the mineral was permitted to adsorb a mono-
molecular thickness of adsorbate.) The value of net
charge per surface area, given in units of 1/A2, is the
“charge density” of the mineral. The theoretical value
of 139 from Fig. 5.5 compares well with the measured
value (133) given in Fig. 4.11.

5.2 PARTICLE WITH WATER AND IONS

Let us now consider the nature of a soil particle in
water since this is the state in which the civil engineer is
nearly always interested. To give perspective to this
consideration two typical clay particles will be employed.
Figure 5.6a shows a typical particle of montmorillonite,
which is one of the smallest and most water sensitive
minerals encountered in clay; Fig. 5.6b shows a typical
kaolinite particle, one of the Jarger and less water sensi-
tive minerals encountered in clay. Figure 5.7 shows a
portion of the lateral surface of each of these clay
particles with the sites of the exchangeable ions.

The two typical clay particles contain about 14,000
exchangeable monovalent ions on the montmorillonite
and 4,000,000 monovalent ions per kaolinite particle.
Figure 5.8 shows the computation of the number of

@
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Fig. 5.6 Typical clay particles. (a) Montmorillonite, 1000 A
by 10 A thick. (b) Kaolinite, 10,000 A by 1000 A thick.
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Z+H20 A—Q& Hydrated Na*, R=7.8 A

Unhydrated Na, R= 0.98%
(c)

s

Fig. 5.7 Soil surface with exchangeable ions. (a) Surface of
dry kaolinite + sodium ions. (b) Surface of dry montmoril-
lonite + sodium ions. (c) Hydration of sodium ion.

charge deficiencies or sites for monovalent exchangeable
ions on the montmorillonite particle. In this discussion,
sodium has been chosen as the exchangeable ion for
illustrative purposes. Thus the montmorillonite particle
in Fig. 5.6 would carry 14,000 sodium ions and the
kaolinite particle 4,000,000 sodium ions.

If the individual clay particles are now dropped into
water, both the mineral surfaces and the exchangeable
ions pick up water, i.e., hydrate. Upon hydration, the
sodium ion grows about sevenfold, as is illustrated in
Fig. 5.7. As the scaled drawings indicate, the hydrated
sodium ions are too large to fit into a monoionic layer on
the mineral partlcles even if they wanted to. Actually,
the exchangeable ions with their shells of water move
away from the mineral surfaces to positions of equilib-
rium. The ions are attracted to the mineral surface to
satisfy the negative charge existing within the surface;
they also desire to move away from each other because
of their thermal energies; the actual positions they occupy
are compromises between these two types of forces. Thus,

For montmorillonite particle 0.1 £ x 0.1 4 x 10 A
Surface area of particie:

1000 A x 1000 A x 2 =2 x 108 A2
Number of chargc'deﬁcicncies:

1 charge

2 x 108 A? x
139 A2

= 14,400

Fig. 5.8 Number of charges on montmorillonite particle.




when the individual particles are dropped into water the
ions move away from the surface to form what is termed
the double layer.®* In Fig. 5.9 the clay particles are shown
with the fully developed double layers they would have
in pure water. Figure 5.10 shows in three dimensions the
same surface sections presented in Fig. 5.7. From Fig.
. 5.10, we can get some idea of the approximate spacings
- of the hydrated ions in the double layer. These spacings
represent a maximum since the pore fluid in this case is
distilled water. Figure 5.11 shows the double layers of
the sodium kaolinite particle and the sodium mont-
morillonite particle to the same scale as in Fig. 5.10. In
Fig. 5.11a the ions around our selected surface sections
are shown as point charges. Figure 5.11b shows plots of
the concentration of sodium ions versus distance from
the particle svrface. At a distance of approximately
400 A, which is the thickness of the double layer, the
concentration of sodium ions has become equal to that
in the “pore” or “free” water. In Fig. 5.11c plots of
electrical potential versus distance from the surface are
shown. Electrical potential is the work required to move
a unit charge from infinity to the point in question and
is negative for clay surfaces. The double-layer thickness
is thus the distance from the surface required to neutralize
the net charge on the particle, i.e., the distance over which
there is an electrical potential.

The water in the double layer is under an attractive
force to the soil particle since this water is attached to
the exchangeable ions which are in turn attracted to the
soil surface. Water is also attracted to the mineral sur-
face by other forces (the force between the polar water
and the stray electrical charges on the mineral surface,

Table 5.2

Water Content®

Specific Surface  (for 5 A layer)

Particle - (m?/g) A
0.1 mm sand 0.03 1.5 x 10
Kaolinite 10 0.5
Illite 100 5
Montmorillonite 1000 50

¢ The water content was calculated as:

Water content = (specific surface) x (thickness of
layer of water) x (unit weight of water)

For kaolinite,
Water content = (10 m?/g) x (5 x 1071°m)
x (10°g/m®) =5 x 1072 or 0.59;

2 The Gouy Chapman double layer theory can be used to calculate
the distribution of ions in the double layer (Verwey and Overbeek,
1948).
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Fig. 5.9 Soil particles with water and ions. (a) Sodium
montmorillonite. (b) Sodium kaolinite.

hydrogen bonding, and van der Waals forces). Al-
though there is controversy as to the exact nature of the
water immediately next to the mineral surface, it is
generally recognized that at least the first few molecular
layers of water around the soil particle are strongly
attracted to the particle.

In order to illustrate the importance of this adsorbed
or attracted water, let us calculate for typical soil par-
ticles the water content corresponding to a 5 A layer
(about two water molecules thick).

Table 5.2, which is highly approximate and intended
only to show trends, illustrates the great importance of
particle size on the amount of water which can be bound
to a particle. To illustrate the significance of these results

’.“.—_“‘ "——'T—‘*‘!“"‘

()

Fig. 5.10 Particle surfaces with water and ions. (@) Sodium
kaolinite. (b) Sodium montmorillonite,
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Fig. 5.11 Particles with double layers.

a typical illitic clay in nature may have a water content
of 509{. From our calculation, we see that almost all of
this water is “free””; i.e., not strongly attracted to the
mineral skeleton and thus really constituting a separate
phase. On the other hand, in many highly montmorillo-
“nitic clays, it may be quite difficult to separate the mineral
and pore phases.

There are certain soil minerals that have the ability to
immobilize a relatively large amount of water. The most
common such mineral is halloysite, which has a crystal
structure similar to kaolinite, as indicated in Fig. 4.11.
Because of the ability of halioysite to adsorb water
between the sheets, soils containing this mineral can exist
at a high water content and a Jow density. Clays con-
taining halloysite have successfully been used for dam
cores even though they showed compacted dry densities
of 50-60 Ib/ft* (half of that for normal clays) and water
contents of 30-509 (two or more times the usual com-
paction water content for clay). Several examples.of this
unusual behavior are given by Lambe and Martin
(1953-1957).

In the preceding discussion, sodium has been selected
as the exchangeable ion. The ions adsorbed on soil
particles can readily be exchanged, as illustreied in the

Na Na Na Na

L]
r Clay particle 4}

.

Na Na Na Na

+4CaClz =

symbolic reaction shown in Fig. 5.12. The addition of
calcium chloride to a soil-water system results in the
replacement of sodium by calcium. The nature of the
exchangeable ion on the soil particle has an important
influence on the behavior of the soil system. Note from
Table 3.4, for example, how much the Atterberg limits
of clay can depend on the nature of the exchangeable ion.

A reaction, such as that shown in Fig. 5.12, resultsin a
depression of the double layer around the soil particle,
i.e., the thickness of the ion-water layer around the soil
particle reduces. This reduction of particle double layer
results in a change of the properties of a mass of particles.
There are general principles that control the rate”and
direction of exchange reactions. These principles involve
the valence of the exchanged cations, concentration of
cations, etc.

53 THE FORCES R’ AND A’

If we take two clay particles in water which are far
apart and then bring them toward each other, they will
reach an interparticle spacing at which they begin to
exert forces on each other. Since each particle carries a
net negative charge, the two particles repel each other

Ca Ca
+ 8NaCl

Ca Ca

Fig. 5.12 Ion exchange reaction,




because of the Coulombic-electrical force between like
charges. This is the force R’. This repulsion of the
approaching clay particles is like that between two bar
magnets when the negative poles are pushed toward each
other (or the positive poles are pushed toward each other).

Since the negative charge on a clay particle is balanced
by the cations in the double Jayer, the two advancing
particles begin to repel each other when their double
layers come into contact with one another. The repulsive
force between the adjacent particles for any given spacing
is therefore directly related to the sizes of the double
layers on the two particles, and any change in the charac-
teristics of the soil-water system that reduces the thick-
ness of the double layers reduges this repulsive force for
the same interparticle spacing. Figure 5.13 illustrates the
influences of various characteristics of the system on the
electrical potential v, and therefore R’, at any given
distance « from the particle surface.

In gddition to a repulsive force between the approach-
ing clay particles, there is also a component of attractive
force A’ between the two particles. This attractive force
is the van der Waals’ force, or secondary bonding force,
which acts between all adjacent pieces of matter. This
attractive force between the clay particles is essentially
independent of the characteristics of the fluid between
the particles.

At this stage, it is convenient to distinguish two cases:
(@) the case where the total force between particles is very
small, i.e., equivalent to the weight of soil contained in an
ordinary beaker; and () the case where the total force
is equivalent to the weight of a building or to the weight
of ten or more feet of overburden.

The first case is encountered as a sedimentary soil is
first formed, and a study of this case leads to an under-
standing of how particles may be arranged within a
sedimentary soil. This case is studied in Section 5.4. It
suffices to consider R’ and A4’ only in qualitative terms.

The second case is typical of that encountered in
engineering practice, and a study of this case (see Section
5.5) leads to an understanding of just how forces are
transmitted between particles. In this study it will be
necessary to treat R' and 4’ in quantitative terms.

54 FLOCCULATION AND DISPERSION

If the net effect of the attractive and repuisive forces
between the two clay particles is attractive, the two
particles will tend to move toward each other and become
attached—flocculare. If the net influence is repulsive they
tend to move away—disperse. Since the repulsive force
component is highly dependent on the characteristics of
the system and the attractive component of force is not

strongly influenced by the characteristics of the system, -

a tendency toward flocculation or dispersion may be
caused by an alteration in the system characteristics,

Q
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Fig. 5.13 The effects of changes in system properties on
double layers. (a) Concentration only variable. (b) Valence
only variable. (c) Dielectric constant only varijable.

which alters the double-layer thickness. A tendency
toward flocculation is usually caused by increasing one
or more of the following:

Electrolyte concentration
Ton valence
Temperature

or decreasing one or more of the following:

Dielectric constant
Size of hydrated ion
pH

Anion adsorption

Most of the effects of varying the characteristics of the
soil-water system on the tendency toward flocculation or
dispersion can be demonstrated with a soil-water suspen-
sion in a test tube. In each demonstration the same
weight of soil particles is employed. These are illustrated
in Fig. 5.14.

The two types of interparticle forces discussed so far
have two important characteristics:

1. They originate from within the mineral crystal.
2. They can act over relatively large distances, i.e.,
several hundred angstroms.

These are the only two types of forces considered by
colloidal theories. There is convincing evidence that there

~
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are other electrical forces which can become very impor-
tant when the spacing between clay particles decreases to
very small distances such as are typical in the deposit with
which the civil engineer usually works. The most impor-
tant force not considered by the colloidal theories is that
arising from the net positive charge at the edges of the
soil particles. This net charge is small relative to the net

0.50N 1.00N 2.00N
CaCl, CaCl, CaCl,
(a)
= =2
. ’
1IN NaCl INFeCly
&
Water
€= 80 2
(c)
20°C
(d)

ol D
G

INNH,CI

cl INNaCl
9 Ry, = 5

R;=99 Ry,=78

INNaOH INNaCl INHC]
pH = 14 pH=7 pH=0

0]

Fig. 5.14 Effects of system characteristics on soil sediment.
(a) Effect of electrolyte concentration. (b) Effect of ion

valence. (c) Effect of dielectric constant. (d) Effect of tem-

perature. (e) Effect of size of hydrated ion. (f) Effect of pH.
Each tube has same concentration of soil in liquid.

Fig. 5.15 Sediment structures. (a) Salt flocculation. (&)
Nonsalt flocculation. (c) Dispersion.

negative charge on the particle arising from isomor;Shous
substitution and thus plays a minor role when adjacent
particles are hundreds of angstroms apart. When, how-
ever, the particles are very close together, this edge charge
can participate in an edge-to-face linkage between
particles of an electrostatic type.

In the demonstrations illustrated in Fig. 5.14, the
flocculated sediments consisted of particles attracted to
one another to form loose arrays. The particles in the
sediment which repelied each other could stack in efficient
arrays much like playing cards in a deck. Figure 5.15
illustrates particle arrangements in the soil sediments.
Where there is salt-type flocculation (that treated by the
colloidal theories), there is a measurable degree of paral-
lelism between adjacent particles since the attraction
between the particles is of the secondary valence type.
In the edge-to-face or nonsalt-type flocculation, the par-
ticles tend to be perpendicular to each other since the
attraction is an electrostatic one between the edge of one
particle and the face of another. As shown in Fig. 5.15c,
the dispersed sediment tends to have particles that are
in a parallel array.
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5.5 THE TRANSMISSION OF FORCE
THROUGH SOIL

Figure 5.16 shows two parallel platens to which a
normal force of 14.7 1b is applied. Each platen is square,
1in. on a side, thus having an area of 1 in.2. The normal

'stress between the two platens is the total force 14.7
divided by the area of 1in.? and thus equals 14.7 Ibfin.2.

Each platen is now coated with a layer of wet sodium
montmorillonite particles oriented parallel to the platens.
For a system of parallel sodium montmorillonite particles
Bolt (1956) obtained experimentally the curve of spacing
versus stress shown in Fig. 5.1§b. Since the parallel clay
particles cover essentially all of the area of the platens
facing each other, the stress between particles is 14.7 Ib/
in.2and, from Bolt’s data, are at a spacing of about 115 A.
In other words, the stress carried by the clay particles is
essentially the same as that carried by the platens. Further,
the particle spacing and interparticle stress are related
such that the greater the stress between the particles the
smaller the spacing. A stress of about 80,000 Ib/in.? is
required to force the two montmorillonite particles into
mineral-mineral contact, thereby squeezing out the
adsorbed water between them.

Next the platens are coated with sand particles, as
shown in Fig. 5.16c. Each particle has a diameter of
approximately 0.06 mm. For such a parallel array of
particles between the platens, the stress at points of con-
tact between the sand particles is equal to the force divided
by the actual contact area. Measurements of this contact
area show that typically it is approximately 0.03 )] of the
total area. Thus contact stress is equal to 14.7 divided by
0.0003 in.2, which equals approximately 49,000 lb/in.2.
This éontact stress is high enough to extrude the adsorbed
water.

The example in Fig. 5.16 illustrates the fact that normal
stress can be transmitted through a highly dispersed clay
system by long-range electrical stresses, and there is no
direct mineral-mineral contact between the particles. On
the other hand, in a flocculated soil, such as that shown
in Fig. 5.15a or 5.15b,.the particles are effectively in
mineral-mineral contact and the normal stresses are
transmitted in a fashion similar to that for the sand
system shown in Fig. 5.16¢.

The particles in a natural soil are not the same size and
shape as the colloidal theories assume. Nearly all natural
soils contain particles of many shapes and many sizes,
and almost all soils contain particles of different com-
positions and impurities. Silt-sized particles occur in most
natural clays and these nonplate-shaped particles affect the
arrangements of the plate-shaped particles. Moreover,
even the plate-shaped clay particles do not in general have
perfectly smooth surfaces. For example, irregularities
can be seen on the surface of the kaolinite particle shown
in Fig. 4.4a. Such irregularities may be 100 A high, which

Ch. 5 Normal Stress between Soil Particles 59

Spacing becomes

2er0 3t slress of

80,000 psi——»
L

!
0.1 1.0 10 100 1000
Stress (atm)

(b)

Contact area
S =0.03% of _ 147 _ .
total area Tsand = 0003 = 49,000 psi

Sand particles

o=E=2T0 <147 /in?
(a) -

=<

n Clay particle )

2 L]
2 Jaa=nsi
a2 200~ Clay particle

=

$ 2d=115 4 Oaay = 147 =147 Ib/in?
g0 T T T

2

<

©

[=%

w

(c)

Fig. 5.16 Stress transmission through soil.

is equal to the distance over which significant long-range
electrical forces can act.

Thus the mechanism of stress transmission between
soil particles in natural clays must lie between the extreme
situations of equidimensional particles and of parallel
clay particles. The behavior in general is nearer to that
of soils with equidimensional particles.

Because of these difficulties, and because the theories
neglect certain forces which probably are important when
the particle spacing is less than 100 A, the principles of
colloidal chemistry have been of very little quantitative
help in the study of clay behavior. The colloidal prin-
ciples are, however, very useful to the civil engineer in
helping to give an understanding of the fundamental
behavior of fine-grained soils.

5.6 SUMMARY OF MAIN POINTS

1. Every soil particle carries an electrical charge on its
surface and therefore attracts ions to this surface in
order to achieve overall electrical neutrality.

2. These ions in turn attract molecules of water and,
in addition, water is attracted directly to the surfaces
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of soil particles. Hence all soil particles tend to be
surrounded by a layer of water.

. Forces of attraction and repulsion act between all

soil particles, but again arc more important (with
respect to the weight of the particles) in fine-
grained soils. These forces affect the way in which
particles are arranged during sedimentation and
can cause fine-grained soils to have a very open
mineral skeleton of low unit weight.

Factors such as temperature and ion concentration
in the pore water have an influence on the forces of
attraction and repulsion between particles, and
hence the environment of deposition can have an
influence on the way that the particles are arranged
during deposition.

. In soils composed of equidimensional particles,

stress is transmitted through the soil by means of
mineral-mineral contact forces. In soils composed
solely of small clay platelets oriented face-to-face,
stress is transmitted through Jong-range electrical
stresses, and particles may be separated by distances
of 100 A or even more. Stress transmission through

natural clay soils lies between these extreme situa-
tions. "

PROBLEMS

5.1 Estimate the specific surface in units of square meters
per gram for the sand in Fig. 4.2a. Take the specific gravity
equal to 2.65.

5.2 Compute the ion exchange capacity in units of
me/100 g for kaolinite having isomorphous substitution of one
Al for every four hundredth Si.

5.3 For the kaolinite particle shown in Fig. 4.4a compute:

a. The total surface area.

b. The specific surface in m?/g.

c. The surface area (in A?) per unit charge from iso-
morphous substitution.

d. The number of sodium ions required to satisfy the ion
exchange computed in Problem 5.2.

The specific gravity of kaolinite is 2.62.

5.4 If calcium chloride were added to the wet clay in Fig.
5.16b, would the platens move together or apart? Why?

5.5 If the contact stress required to crush quartz is
1,000,000 psi, what force would have to be applied to the
platens in Fig. 5.16¢ to crush quartz sand % ’




CHAPTER 6

Shear Resistance between Soil Particles

This chapter considers the fundamental nature of shear
resistance between soil particles. Section 6.1 discusses the
mechanism of shear resistance in general terms and
indicates its typical magnitude. Sections 6.2 to 6.5 pre-
sent a more detailed treatment for those who wish to
delve more deeply into the subject.

6.1 GENERAL DISCUSSION OF SHEAR
RESISTANCE BETWEEN PARTICLES

Chapter 2 stated that relative sliding between particles
- is the most important mechanism-of deformation within
a soil mass. Hence the resistance of soil to deformation
is influenced strongly by the shear resistance at contacts
between particles. A knowledge of the possible magni-
tude of this shear resistance, and of the factors that
influence this resistance, is basic to the mastery of soil
mechanics.

It must be emphasized that the shear resistance between
mineral surfaces is only part of the resistance of a soil
mass to shear or compression. Also very important is
the interlocking of particles, which is largely a function
of packing density. Interlocking is treated in Part 11l
The fundamental considerations of this chapter, however,
apply no matter how the particles are packed.

Mechanism of Shear Resistance

The shear resistance between two particles is the force
that must be applied to cause a relative movement
between the particles. The source of the shear resistance
is the attractive forces that act among the surface atoms
of the particles. These attractive forces lead to chemical
bond formation at points of contact of the surfaces. Thus
the frictional resistance between two particles is funda-
mentally of the same nature as the shear resistance of a
block of solid, intact material such as steel.

The strength and the number of bonds that form at the
interface between two particles are influenced very much
by the physical and chemical nature of the surfaces of the

particles. Hence an understanding of the magnitude of
the shear resistance between particles involves an under-
standing of the factors that influence the interaction
between the two surfaces at their points of contact. A
detailed explanation of this interaction effect is presented
in the later sections of this chapter. However, we can
summarize the interaction effect by saying that the total
shear resistance (the product of the strength of each bond
and the total number of bonds) is proportional to the
normal force that is pushing the two particles together.
If this normal force decreases, either the strength or the
number of bonds decreases, and thus the total shear
resistance decreases. Hence we say that interparticle
shear resistance is frictional in nature.

There are some situations in which part of the total
shear resistance between particles is independent of the
normal force pushing the particles together; i.e., even if
the normal force is decreased to zero there is still a
measurable shear resistance. In such cases, we say that
there is trie colhesion between particles. True cohesion
can develop between soil particles that have remained in
stationary contact over a long period of time. In some
cases this true cohesion can be very important, as when
cementation turns sand into sandstone. Generally,
however, the magnitude of true cohesion between par-
ticles is very small, and its contribution to the strength of
a soil is also very small. Later chapters of this book will
discuss a few of the situations in which true cohesion
between particles is important. The reader should regard
frictional behavior as the normal situation for soils and
cohesive behavior as the exception.

Two alternative ways of expressing frictional resistance
are in common use. The first is to use the coefficient of
friction f. Thus, if N is the normal force across a surface,
the maximum shear force on this surface is Ty, = NJf.
The second is to use a friction angle ¢, defined such that

tan ¢, = f
The geometric interpretation of ¢, is shown in Fig. 6.1.
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Fig. 6.1 Definition of friction angle ¢,.

6.2 FUNDAMENTALS OF FRICTIONAL
BEHAVIOR

Basic Laws of Friction

There are two basic laws of frictional behavior:

1. The shear resistance between two bodies is propor-
tional to the normal force between the bodies.

2. The shear resistance between two bodies is inde-
pendent of the dimensions of the two bodies.

The second law can be illustrated by pulling a brick over
a flat surface. The pulling force will be the same whether
the brick rests on a face or on an edge.

As is the case with many of the “laws’ of science, the
“laws of friction” merely state the result of many
empirical observations.” Exceptions to these rules are
easy to find. Nevertheless, they remain a good starting
point for understanding frictional behavior. These laws
were first stated by Leonardo da Vinci in the late 1400s,
largely forgotten, and then rediscovered by the French
engineer Amontons in 1699. They are often called
Amontons’ laws.

Mechanism of Friction

The basic explanation of the friction process is embod-
ied in the following statements:

1. On a submicroscopic scale most surfaces (even care-
fully polished ones) are actually rough, hence two
solids will be in contact only where the high points
(termed asperities) touch one another; i.e., actual
contact is a very small fraction of the apparent
contact area (see Fig. 6.2).

2. Because contact occurs at discrete sites, the normal
stresses across these contacts will be extremely high
and even under light loading will reach the yield
strength of the material at these sites. Thus the
actual area of contact 4, will be

A, =— 6.1

qu
where N is the normal load and ¢, is the normal
stress required to cause yielding (i.e., plastic flow).
Since g, is fixed in magnitude, an increase in total

normal load between the bodies must mean a pro-
portional increase in the area of actual contact. This
increase is a result of plastic flow of the asperities.

3. The high contact stresses cause the two surfaces to
adhere at the points of actual contact; i.e., the two
bodies are joined by chemiczl bonds. Shear resist-
ance is provided by the adhesive strength of these
points. Thus the maximum possible shear force
Tmux is

Tmax = SAc (62)

where s is the shear strength of the adhered
junctions and A4, is the actual area of contact.!
For the moment, we will not say whether or not
s is equal to the shear strength s,, of the material
composing the particles.
Combining these ideas leads to the relation
Tinax = N = (63)
Gu
Since 5 and ¢, are material properties, Tyax is propor-
tional to N. The friction factor / should equal the ratio
5/

Terzaghi (1925) stated this hypothesis in his pioneering
book on soil mechanics,? but his ideas on this subject
were overlooked for many years. The hypothesis was
independently stated and shown to describe the frictional
behavior of a wide variety of materials by Bowden, Tabor,
and their colleagues starting in the late 1930s [see, for
example, Bowden and Tabor (1950) and (1964)]. It is
called the Adhesion Theory of Friction and now serves
as the starting point for essentially all friction studies.
The following paragraphs will discuss its applicability to
the friction of soil minerals.

Fig. 6.2 Microscopic view of frictional resistance.

"

N = ZNi =2Aciqu
T=zTi=zAci7m '
T Tm

g N s
[
1 A, is the area of mineral-mineral contact. The term A,, is also
used for this area.
2 An English version of this section of Erdbaumechanik is in
Terzaghi (1960).
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Fig. 6.3 Profile of “smooth” quartz surfaces. (a) Surface traces. Scale: vertical, 1 division =2 x 107%in.; horizontal,
1 division =2 x 107%in. (b) Center line average roughness in 1078 in. (From Dickey, 1966.)

Surface Roughness

Various techniques can be used to measure the rough-
ness of a surface. For example, a sharp diamond stylus,
called a “profilometer”, may be slid across the surface
and measurements made of the up and down movement
of the stylus. Figure 6.3 shows the trace made by such
an instrument 2s it moved across two ‘“‘smooth” quartz
surfaces (Dickey, 1966). The surfaces had been ground
with a very fine diamond wheel (600 grit) and appeared
to be mirror smooth. However, the profilometer shows
the surfaces to be composed of peaks and valleys having
an average height of 2 uin. (about 500 A).

It should be noted that the horizontal sensitivity of the
profilometer is 1000 times less than the vertical and there-
fore the asperities were not really jagged, as the trace
seems to indicate. Rather, they were very flat, as shown
in Fig. 6.4, which is a true-scale drawing of one of the
asperities. Figure 6.4 also shows a typical asperity from
a “rough” quartz surface, prepared by grinding with a
No. 220 grit diamond wheel. The average roughness of
this surface was about 20 uin. The asperities were sharper
than for the smooth surface, but they were still quite
gentle, having an average included angle of about 120°.
Both of these surfaces are probably smoother than the
surfaces of most granular soil particles.

13

Magnitude of Contact Stress

When two surfaces are brought into contact they will
be supported initially on the summits of the highest
asperities. As the normal load is increased, the ‘““bearing
capacity” of the contacting asperities will be exceeded
and they will deform plastically. The magnitude of stress
required to cause plastic flow is termed ¢,. It can be
determined by indentation hardness measurements.?

For quartz, with a hardness of about 1100 kg/mm?

" (Brace, 1963), the stress on an asperity must exceed

1,500,000 psi to produce plastic deformation. Whether
or not this stress is reached for a significant number of
asperities in a granular soil mass is not known, but it
seems likely that it is. Il ¢, is not reached, the asperities
deform elastically, and then the behavior becomes quite
different. According to the Hertz contact theory (see
Bowden and Tabor, 1964) the contact area A4, increases
as N?3. Thus the coefficient of friction will probably
decrease with increasing load. Such behavior has been

3 Indentation hardness is measured by pushing a suitably shaped
indenter into a flat test surface. The high confining stresses that
develop around the tip of the indenter inhibit brittle fracture in a
material such as quartz. The analogy between this test and the
asperity contacts between two surfaces is evident. The indentation
hardness is defined as the normal load on the indenter divided by
the residual deformed area after the indenter is removed.
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Fig. 6.4 Typical asperitics on quartz surfaces.

observed for a diamond stylus on a flat diamond plate.
Diamond is elastic even under the very large stresses
developed at asperity contacts (g, for diamond is esti-
mated to be greater than 15,000,000 psi). However, the
complex contact conditions between two surfaces that
have a very large number of asperities car lead to a nearly
constant value of / even though the individual asperities
_. are deforming elastically (e.g., see Archard, 1957).

Shear Resistance at Points of Contact

In Chapter 5 it was pointed out that water and other
materials are attracted to the surfaces of minerals, where
they are adsorbed and act as a contaminating layer. When
two such contaminated surfaces are put together, the
amount of actual solid-to-solid contact will be influenced
by the type and amount of adsorbed material, as shown
in Fig. 6.5.

The most important influence of the surface contam-
inants is to make the junctions weaker in shear than is
the bulk solid. If the surface contaminants are removed,
e.g., by heating the surfaces in a high vacuum chamber,
the shear strength of the junctions approaches that of the
bulk solid. This causes the coefficient of friction to
increase. Under these conditions, ductile metals undergo
a process known as junction growth, whereby the con-
tacting asperities undergo large-scale plastic deformations.
This leads to the phenomenon known as cold welding,
which produces extremely high coefficients of friction
(f>1). Minerals and other brittle materials do not
exhibit the large-scale plastic flow under shear stresses
that is required for junction growth and hence do not
cold-weld.

Effect of Surface Roughness

The Adhesion Theory implies that friction is independ-
ent of surface roughness. For metals this is found to be

the case over a wide range of surface finishes. However,
as surfaces become very rough, asperity interlocking may
increase the value of f. It is difficult to define exactly
what is “very rough”. The frosted appearance of most
granular soil particles indicates that they are rough.
Electron photomicrographs indicate that many sheet
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Fig. 6.5 The development of junctions. (a) Unloaded
condition. (b) Light normal load. (c) Increased normal load;
plastic flow at contact with constant normal stress.
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minerals, on the other hand, have “supersmooth™ sur-
faces. By assuming an average slope of angle 6 for the
asperities, the effect of surface roughness on the value of
fcan be estimated (see Problem 6.4).

Because the contact situation between two real surfaces
is so complex, generally it is not possible to determine a
-value of 6 to use for predicting f. Hence the relationship
between friction and surface roughness must be deter-
mined experimentally.

Static Versus Kinetic Friction

The shear force required to initiate sliding between two
surfaces is often greater than the force required to main-
tain motion (see Fig. 6.6a). That is, the static friction
exceeds the kinetic (sliding) friction. This behavior is
usually explained by assuming that bond formation at
the junctions is time-dependent, either because creep
causes gradual increases in the contact area or because
the surface contaminants are gradually squeezed out from
within the junction.

The difference between the static and the kinetic fric-
tion often leads to the phenomenon known as stick-slip
(Fig. 6.65). When slidingbegins, part of the stored elastic
energy in the loading mechanism is released, accelerating
the slider and causing the measured shear force to drop
below that required to maintain motion. The slider then
stops and the shear force must be increased to the value
associated with the static friction to induce sliding again.
When sliding begins the whole procedure of intermittent
motion is repezted. Under these conditions, one cannot
determine accurately the value of the kinetic coefficient
of friction.

Rolling Friction

When one body is rolled over another, junctions form
at the contact points just as when two bodies are pressed
together. As the rolling body moves on, these junctions
are broken in tension, not in shear. Due to elastic re-
bound as the normal force goes to zero, the strength of
the junctions in tension is usually almost zero. This
explains why the adhesion between two surfaces that are
pressed together is not generally observed—it only acts
when the surfaces are under a compressive load. Hence
rolling friction is generally quite small (f<« 0.1) com-
pared to static and sliding friction, and is essentially
independent of surface cleanliness.

Summary

Section 6.2 has presented the fundamentals of frictional
behavior: emphasis has been given to the following con-
cepts, which are necessary in order to develop a quantita-
tive explanation of observed frictional behavior:

1. Theroughness and irregularity of apparently smooth
surfaces.
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Fig. 6.6 Starting and kinetic friction. () Smooth sliding.
(b) Slip-stick. Note. Shear displacement applied at constant
rate through load cell with some flexibility; surfaces move at
constant rate only during smooth sliding.

2. The very low ratio of actual contact area to apparent

contact area.

The lastic flow that occurs at actual contact points.

4. The adhesion that occurs between two surfaces at
the actual contact points.

5. The weakening influence of surface contaminants on
the strength of this welded junction.

W

These concepts will now be used to explain the observed
frictional behavior of soil minerals.

6.3 TFRICTION BETWEEN MINERALS IN
GRANULAR FORM

This section will treat friction between nonsheet miner-
als such as quartz, the feldspars, and calcite—those
minerals that make up granular particles of silt size and
larger. The following section will treat the behavior of
sheet minerals. The friction of minerals has not been
studied nearly as intensively as has the friction of metals.
Therefore much of what follows is based on limited data
and must be considered speculative.

General Nature of Contact

Particles of coarse silt have a minimum diameter of
0.002 cm (20.u or 200,000 A). The diameters of these and
larger particles are clearly larger than the height of the
asperities (about 1000-10,000 A) that may be expected
on the surfaces of these particles. Consequently, we
would expect that each apparent point of contact between
particles actually involves many minute contacts.

The surfaces of these soil particles are, of course,
contaminated with water molecules and various ions and
possibly other materials. These contaminants are largely
squeezed out from between the actual points of contact,
although some small quantity of contaminants remains
to influence the shear strength of the junctions.
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The minimum diameter of fine silt particles is 2 u or
20,000 A. Such small particles have dimensions of the
same order as the height of the asperities on larger
particles. For these small particles it makes more sense
to talk about ‘““corners” rather than asperities. Although
the general nature of the frictional resistance is the same
for either large or small granular particles, an apparent
contact between very small granular particles may, in
fact, consist of only one actual contact point.

The testing systems shown in Fig. 6.7 have been used
to determine the frictional resistance for minerals. When
fixed buttons or sliding blocks are used (Fig. 6.7a) the
results give the static (and perhaps kinetic) coefficient of
friction. When many sand particles are pulled over a
flat surface (Fig. 6.7b), the results generally reflect some
combination of sliding and rolling friction. Hence the
friction factor as measured by the second type of test
involving many particles may be different fronr the value
measured by the first type of test.

Effect of Surface Water and Surface Roughness

Figure 6.8 summarizes the friction factors observed for
quartz under varying conditions of surface cleanliness,
humidity, and surface roughness. The results show that
the friction of smooth quartz varies from about /= 0.2
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Fig. 6.7 Devices for measuring friction factor of mineral
surfaces. (a) Sliding on buttons or on block. (b) Sliding of
many particles.
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to /= 1.0 depending on the surface cleanliness.* For the
more contaminated surfaces, water increases the friction:
l.e., it acts as an antilubricant. However, for carefully
cleaned surfaces, water has no effect. This indicates that
water is intrinsically neutral on quartz. But if there is a
contaminating layer (probably a thin film of organic
material) the water disrupts this layer, reduces its effec-
tiveness as a lubricant, and thereby increases the friction.

As the surfaces get rougher the effects of cleaning
procedure on friction decrease, so that a “very rough”
surface of 60 uin. (about 15,000 A) gives essentially the
same value of f independent of surface cleanliness. This
indicates that the ability of the contaminating layer to
lubricate the surfaces decreases as the surface roughness
increases. This is what we would expect for a thin
lubricating layer which acts as a boundary lubricant
(Bowden and Tabor, 1964).

The fact that the rougher surfaces do not give higher
values of friction when they are carefully cleaned is more
difficult to explain. The evidence seems to indicate that
the rougher surfaces cannot be cleaned as effectively as
smooth surfaces, although the reason for this is not clear.

From a practical point of view, the essentially constant
value of /' = 0.5 (¢, = 26°) for very rough quartz surfaces
is of great significance, since essentially all quartz particles
in natural soils have rough surfaces.

Values of friction for other nonsheet minerals are
summarized in Table 6.1. The low values of f for these
minerals in the air-dry condition probably have no

4 These results were obtained on ground surfaces [Bromwell (1966)
and Dickey (1966)]. However, the trend of the results generally
supports the data and conclusions of previous tests, which were
usually run on polished surfaces [see, for example, Horn and
Deere (1962)].




Table 6.1 Friction of Nonsheet Minerals

Conditions of Surface Moisture

Oven-Dried;

Mineral Oven-Dried  Air-Equilibrated Saturated
Quar;z“ 0.13 0.13 0.45
Feldspar 0.12 0.12 0.77
Calcite 0.14 0.14 0.68

Notres. Tests run on highly polished surfaces. Data
from Horn and Deere (1962).

¢ For effects of surface cleahliness and surface rough-
ness on the friction of quartz, see Fig. 6.8.

practical significance, since they represent ineffective
cleaning of smooth, polished surfaces. Much more data
are needed for these other minerals before one can con-
fidently choose f values.

Effect of Normal Load

The measured friction factors for nonsheet minerals
have been found to be independent of normal load.
Based on tests in which the normal load per contact varied
by a factor of 50, Rowe (1962) reported that the friction
angle ¢, remained constant within 41°.

On the otherhand, Rowe’s results show that the friction
angle ¢, is affected by the size of the particle involved in
the test (Fig. 6.9). Rowe used the test procedure shown
in Fig. 6.7b. For a given total normal load, the normal
load per contact increases as the particle size increases.
However, since the particle diameter in this case also
increases, the average contact stress (N/4,) did not
change. Therefore arguments involving elastic deforma-
tion do not appear adequate to explain these data. One
possible explanation is that the larger particles are able
to roll more easily than the smaller particles, perhaps as
a result of their center of gravity being further away from
the plane of shear. Hence the measured friction angle,
which involves both rolling and sliding components, is
smaller for the larger particles.

6.4 FRICTION BETWEEN SHEET MINERALS

We are interested in minerals such as mica primarily
because the frictional behaior of such minerals may be
similar to the frictional behavior of clay-size particles.®

General Nature of Contact

Surfaces of mica do show irregularities, but in the form
of mesas and plateaus rather than in the form of asper-
ities. Moreover, the scale of these irregularities is quite
5 Data from M.LT. and from the Norwegian Geotechnical Institute

have been obtained on the friction angle ¢, between clay particles.
Values as low as 3° have been recorded.

Ch. 6 Shear Resistance between Soil Particles 67

Coarse silt Fine sand Medium sand| Coarse sand
30. \-
'\‘L&
d)# \
. \
20°
0.02 0.06 0.2 0.6 2

Particle diameter (mm)

Fig. 6.9 Friction angle of quartz sands as function of grain
size (after Rowe, 1962).

different from that existing on the surfaces of granular
particles.: On fresh cleavage surfaces, the *‘steps” are
only as high as the thickness of several repeating sheet
units (about 10-100 A). In the words of Bowden and
Tabor (1964), the cleavage surfaces ‘- - - are molecularly
smooth over large areas.” Compared to the surfaces of
smooth quartz particles, fresh cleavage surfaces are
“supersmooth”. There are reasons to believe that the
surfaces of clay particles are similar. Unfortunately, the
fundamentals of frictional resistance between super-
smooth surfaces have received relatively little study, and
hence the following explanations are still largely specula-
tive.

Two cleavage faces of mica give quite a different con-
tact than do surfaces with asperities. Mica, and pre-
sumably clay, surfaces should come into close proximity
over almost their entire area, but they may not actually
come into direct contact. The contaminants on the sur-
faces, including adsorbed water, are not squeezed out
from between the surfaces unless the normal stress
exceeds about 80,000 psi. Rather, these contaminants
participate in the transmission of the normal stress, as
described in Chapter 5.

A more normal situation for clay particles is probably
some sort of edge-to-face orientation. This type of con-
tact is more nearly similar to the asperity contacts
discussed for granular particles, except that in the case of
clays, each contact probably consists of only one
“asperity”.

It still remains to discuss whether the shear resistance
between very smooth surfaces is greater or less than the
resistance between rough surfaces. To answer this, we
must turn to experimental data.®

Effect of Surface Water

The data in Table 6.2 show that the water acts as a
lubricant. A possible explanation for this behavior is as

follows. In the oven-dried condition the surface ions are

not completely hydrated. The actual mineral surfaces
come close together, and the bonding is strong. As water
is introduced, the ions hydrate and become less strongly

 These data come primarily from Horn and Deere (1962).




68 PART 1 THE NATURE OF SOIL

ttached to the mineral surfaces. Hence the shear resist-
ance drops as water is introduced.

1t is important to contrast the role of the contaminants
for the cases of very smooth and rough surfaces. With
rough surfaces the contaminants serve to weaken the

crystalline bond, and increasing the mobility of the con-
taminants with water helps get them out of the way and
hence minimizes their adverse influence. With very
smooth surfaces the contaminants are actually part of the

Table 6.2 Friction Factors for Several-Layer Lattice
Materials Under Varying Conditions of Humidity

Condition of Surface Moisture

Oven-Dried;
Oven- Air-

Mineral Dried  Equilibrated Saturated
Muscovite mica 0.43 0.30 0.23
Phlogopite mica  0.31 0.25 0.15
Biotite mica 0.31 0.26 0.13
Chlorite 0.53 0.35 0.22

Notes. Starting and moving friction identical. Data
from Horn and Deere (1962). ’

mineral, and increasing their mobility decreases the shear
resistance.

In the saturated condition the friction angle between
sheet minerals can be low. Since clay minerals are always
surrounded by water in practical situations, it is impor-
tant to test these minerals in the saturated condition.

Static and Kinetic Friction

The kinetic friction of the sheet minerals is greater
than 909; of the static friction and usually equals it. The
slip-stick phenomenon has not been observed with these
minerals. The friction factors of mica increase about
259 when the rate of sliding is increased from 0.7 to
6.0 in./min. Because the adhesive bonding is relatively
weak in the case of these minerals, and the ions through
which the bonding occurs are relatively free to move, this
relatively small time effect is to be expected.?

Variation of Friction Angle with Normal Load

For the usual range of normal loads used, the friction

angle of these minerals appears to be constant. However,
nothing is known concerning the possible variation with
very large changes in the normal load.

* Mitchell (1964), by invoking rate process theory, has provided
an excellent description of the mechanisms underlying this time-
dependent behavior of clay minerals.

6.5 MISCELLANEOUS CONCEPTS CONCERNING
SHEAR RESISTANCE BETWEEN MINERAL
SURFACES

At the present time, we are still not sure of the extent
to which the theory in Section 6.4 may apply to shear
resistance between clay particles. However, it is shown
in Part 1V that many natural clay soils, especially those
in which montmorillonite and illite are important con-
stituents, have shear resistances that are compatible with
this theory. :

The larger a particle, the greater the likelihood that
there will be surface irregularities of any consequence.
For example, cleavage steps can be seen on the surface
of kaolinite platelets, as shown in Fig. 4.4a, which are
on the order of 100 A in height. Hence, when platelets
of Kaolinite are in a face-to-face configuration, it is
certain that actual ‘“‘contact” occurs only over part of
the apparent contact surface, and unless the platelets are
perfectly aligned it seems likely that contact is confined
to relatively small zones right at the cleavage steps. As
this situation develops, it is likely that the mechanism of
shear resistance, and even the magnitude of shear resist-
ance, becomes more and more analogous to the behavior
of granular particles. The same would be true when
particles come together in edge-to-face orientation.

Present knowledge regarding interparticle friction in
soils can be summarized as follows:

1. The frictional behavior between granular particles
is reasonably well understood.

2. The theory for sliding between ideal clay platelets
probably applies to the smallest of clay particles' in
face-to-face array.

3. The mechanism of shear resistance in natural clay
lies between the two extremes of granular particles
and parallel clay platelets, often nearer to that of
the granular particles.

True Cohesion between Clay Particles

Our study of the fundamentals of frictional behavior
has helped us to understand the possibility of a true
cohesion developing between clay particles. 1f clay
platelets are in edge-to-face contact, there is a good
chance that a true cohesion will develop, especially if a
bonding has been developed over almost all of the area
of the contact. _

The discussion in Chapter 5 has already suggested that
clay platelets in face-to-face contact may be pushed
together so tightly that they will not move apart when the
load is removed. Such an occurrence certainly repre-
sents true cohesion, and a new and thicker particle has
in effect been created by this process. Time, weathering,
and desiccation contribute to true cohesion.




6.6 SUMMARY OF MAIN POINTS

The foregoing discussion shows that it is very difficult
to say just what the particle-to-particle friction factor
will be for any particular case. Hence the main results
of this chapter can be summarized in terms of some
general principles and a range of possible shear resist-
ances.

1. The shear resistance between particles is provided
by adhesive bonding at the points of contact.

2. The shear resistance is determined primarily by the
magnitude of the current normal load, so that the
overall behavior is frictional in nature.

3. For quartz the friction angle ¢, is generally in the
range of 26° to 30°. Because the surfaces of such
particles are rough, the presence or absence of
water has little or no effect on the frictional resist-
ance. Tne friction of other nonsheet minerals has

. received less study and typical values cannot be
given.

4. For parallel clay particles whose faces are “super-
smooth”, the friction angle may be below 8&°
and may typically be about 13°. The bonding occurs
over a rather large area but is relatively weak
and may be somewhat time-dependent.

5. For most natural clays the frictional resistance is
probably nearer that of granular particles than of
parallel colloidal particles.

6. True cohesion can develop between particle sur-
faces. The true cohesion at any one contact is
generally small, so that the overall effect is
important only when there are many contacts—
as in clay soils. Such bonds are most likely to
develop at edge-to-face contacts and can be
broken by very small strains.

7. The particle-to-particle friction angle ¢, is but one
of the factors which contribute to the strength
of an actual soil. Other factors such as interlock-
ing of particles will be discussed in later chapters.

"

PROBLEMS

6.1 Derive the equations that lead to the following results:

a. fisindependent of N for materials that deform plastically.

b. f is a function of normal load for elastic materials.
State the necessary assumptions for each equation.

6 2 The diameter of the contact area between two elastic
solids (Fig. P6.2-1) is given by

g [0 =" RiR, 3
E R, + R,

v = Poisson’s ratio = 0.31 for quartz
E = Young’s modulus = 11 x 10° psi for quartz
N = normal load

Ry, R, = radii of curvature

i
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Fig. P6.2-1

a. Develop a relationship for the average contact stress
(N/A) between two quartz spheres of equal radius.

b. Consider a system of dry silt-sized material. If the
particles are perfect quartz spheres of radius 0.005 mm in a
cubic array (see Fig. P6.2-2a), what all-around confining stress
must be applied to cause plastic yielding? (Plastic yielding for
quartz occurs at a normal stress of 1,500,000 psi.)

Hint.  Consider a horizontal plane through the system
(see Fig. P6.2-2b) and calculate the contact area on this
plane for various values of confining stress.

c. If each sphere in part (b) is not perfectly smooth but
contacts its neighbors on one asperity which has a tip radius
of 1000 A, what must the confining stress be to cause plastic
deformation?

d. Anactualsilt may be expected to give plastic deformation
at the contacts at some value of confining stress between the
values given by parts (b) and (c). Why?

e. Would the stress required to cause some plastic yielding
be greater for a loose or a dense silt? Explain.

6.3 Consider a flocculated clay made up of platelike
particles 1 ¢ long x 0.1 u wide x 0.01 x thick. The void
ratio is 2.0 and G, = 2.70.

a. Calculate the number of particles per unit volume.

b. The number of particles contacting a unit area may be
assumed equal to (no.funit volume)*3. If each particle
makes two stress-carrying contacts on a horizontal plane,
what is the number of contacts per unit area?

c. If each particle-particle contact is -assumed to be an
edge-to-face contact with the edge  taken as a spherical
indenter with radius 0.01 p, what effective confining stress
must be applied to the clay to cause plastic yielding? Use
same elastic constants as for quartz, but assume plastic flow
starts at NJ4 = 1,000,000 psi.

0.02 mm

ooz

(a) ()

Fig. P6.2-2
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M

Fig. P6.4

6.4 The asperities on the idealized surface shown in
Fig. P6-4 are inclined at an angle 0 to the direction of sliding.

a. Derive a relationship for the horizontal force F required
to initiate motion. Express F in terms of N, 6, and ¢, (the
friction angle for a surface with 6 = 0).

b. Calculate the coefficient of friction for the surfaces
shown in Fig.P6-4 if ¢, = 15° for a quartz surface with
0 = 0. Discuss the validity of this calculation.

6.5 Three clay-water mixtures composed of flocculated
platelike particles have the particle dimensions and void ratio
given in following table:

Mixture Particle Dimensions (x) "Void Ratio
A 10 x 10 x 1 1
B 1 x1 x0.05 2
C 0.1 x 0.1 x 0.001 5

If the net attractive stress at particle contacts under zero
normal load were equal to F where '

F (dynes) = 10~% particle thickness  (A)

compute the cohesion (tensile stress) which must be overcome
in order to pull apart the three mixtures. Nofe: Use the.
approach in Problem 6.3 to obtain the number of contacts
per unit area. .

Answer:
System ¢ (kg/cm?)
A 0.06
B 0.36
C 1.32




' CHAPTER 7

- Soil Formation

Based on its method of formation, a soil is sedimentary,
residual, or fill. In sedimentary soil the individual par-
ticles were created at one location, transported, and
finally deposited at another location. A residual soil is
one formed in place by the weathering of the rock at the
location, with little or no movement of the individual soil
particles. Fill is a man-made soil deposit. These three
types of soil are discussed in order in this chapter.
Preceding this discussion is a consideration of the concept
of “‘structure”, which will be used in the presentation of
the soil types.

7.1 SOIL STRUCTURE

The term soil structure refers to the orientation and
distribution of particles in a soil mass (also called “fabric”
and “architecture’) and the forces between adjacent soil
particles. This discussion i, limited primarily to small,
plate-shaped particles and to the orientation of individual
particles. The arrangement of larger particles is con-
sidered in later chapters. The force component of soil
structure refers primarily to those forces that are gener-
ated within the particles themselves—electrochemical
forces. '

The two extremes in soil structure, as illustrated in
Fig. 7-1, are flocculated structure and dispersed structure.
In the flocculated structure the soil particles are edge to
face and attract each other. A dispersed structure, on
the other hand, has parallel particles which tend to repel
each other. Between the two extremes there is an infinite
number of intermediate stages. At the present develop-
ment of knowledge and of techniques for measuring
orientations and interparticle forces, there seems little
justification in attempting to define structures between the
two extremes. Thus the terms flocculated and dispersed
are used in a general sense to describe soil elements which
have the structures approaching those shown in Fig. 7.1.

Chapter 5 discussed the electrical forces between par-
ticles and introduced the concepts of flocculated and

dispersed. No attempt is made to distinguish between
the two types of flocculation suggested in Fig. 5.15.

A given soil structure can be significantly altered by
introducing displacements between particles. Generally,
displacements tend to break down the bonds between
particles and to move particles toward a parallel array.
If the flocculated structure in Fig. 7.1a were subjected to
a horizontal shear displacement, the particles would tend
to line up as shown in the dispersed structure on the
right. A compression tends to cause adjacent particles
to move toward a parallel array, probably resulting in
small zones of approximately parallel particles, with an
unlike orientation between zones. Physically working an
element of soil until it becomes homogeneous (termed
“remolding”) tends to align adjacent particles and to
destroy bonds between the particles.

The engineering behavior of a soil element depends
very much on the existing structure. In general, an
element of flocculated soil has a higher strength, lower
compressibility, and higher permeability than the same
element of soil at the same void ratio put in a dispersed
state. The higher strength and lower compressibility in

“the flocculated state result from the interparticle attrac-

tion and the greater difficulty of displacing particles when
they are in a disorderly array. The higher permeability
in the flocculated soil results from the larger channels
available for flow. Whereas a flocculated element and
a dispersed element at the same void ratio have approx-
imately the same total cross-sectional area available for

(a) (b)

Fig. 7.I1 Types of soil structure. (a) Flocculated. (b) Dis-
persed.
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Table 7.1 Effects of Transportation on Sediments
Water Air Ice Gravity Organisms
Size Reduction through solution, Considerable Considerable Considerable Minor abrasion effects

little abrasion in suspended reduction
load, some abrasion and

impact in traction load

Rounding of sand and gravel  High degree of

rounding

Shape and
roundness

Surface texture Sand: smooth, polished,

Silt: little effect

Sorting Considerable sorting
sorting

(progressive)

Impact produces
shiny frosted surfaces

Very considerable

grinding and impact from direct organic
impact transportation
Angular, soled Angular, non-

particles (&) spherical

Striated surfaces Striated surfaces

Very little sorting  No sorting Limited sorting

flow, in the flocculated soil the flow channels are fewer
in number and larger in size. Thus there is less resistance
to flow through a flocculated soil than through a dis-
persed soil.

7.2 SEDIMENTARY SOIL

The formation of sedimentary soils can best be pre-
sented by considering sediment formation, sediment
transportation, and sediment deposition, respectively.

Sediment Formation -

The most important manner of forming sediments is
by the physical and chemical weathering of rocks on the
surface of the earth. Generally silt-, sand-, and gravel-
sized particles are formed by the physical weathering of
rocks and clay-sized particles are formed by the chemical
weathering of rocks. The formation of clay particles
from rocks can take place either by the build-up of the
mineral particles from components in solution, or by the
chemical breakdown of other minerals.

Sediment Transportation

Sediments can be transported by any of .ive agents:
water, air, ice, gravity, and organisms. Transportation
affects sediments in two major ways: (a) it alters particle
shape, size, and texture by abrasion, grinding, impact,
and solution; (b) it sorts the particles. Table 7.1 sum-
marizes some of the effects of the five transporting agents
on sediments.

Sediment Deposition

After soil particles have been formed and transported
they are deposited to form a sedimentary soil. The three
main causes of deposition in water are velocity reduction,
solubility decrease, and electrolyte increase. When a
streamn reaches a lake, ocean, or other large body of
water it loses most of its velocity. The competency of
the stream thus decreases and sedimentation results. A

change in water temperature or chemical nature can
result in a reduction in the solubility of the stream, with
a resulting precipitation of some of the dissolved load.
Figure 7.2 suggests the soil structure that might result
from a sedimentary soil formed in salt water compared
with one formed in fresh water. (As was shown in, Fig.
5.14, the soil deposited in salt water will be more highly
flocculated and will thus have a much larger void ratio
and water content. '

¥

7.3 RESIDUAL SOIL

Residual soil results when the products of-rock
weathering are not transported as sediments but accumu-
late in place. If the rate of rock decomposition exceeds
the rate of removal of the products of decomposition,
an accumulation of residual soil results. Among the
factors influencing the rate of weathering and the nature
of the products of weathering are climate (temperature
and rainfall), time, type of source rock, vegetation,
drainage, and bacterial activity.

The residual soil profile may be divided into three
zones: (a) the upper zone where there is a high degree of
weathering and removal of material; (b) the intermediate
zone where there is some weathering at the top part of
the zone, but also some deposition toward the bottom
part of the zone; and (c) the partially weathered zone
where there is the transition from the weathered material
to the unweathered parent rock.

Temperature and other factors have been favorable to
the development of significant thicknesses of residual
soils in many parts of the world, particularly Southern
Asia, Africa, Southeastern North America, Central
America, the islands of the Caribbean, and South
America. As we can infer from this distribution, residual
soils tend to be more abundant in humid, warm regions
that are favorable to chemical weathering of rock, and
have sufficient vegetation to keep the weathering prod-
ucts from being easily transported as sediments. Even
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Fig. 7.2 Structure of natural soil
(c) Remoulded.

though residual soils are widely spread throughout the
- world, they have received relatively little study from soil
mechanics experts because these soils are generally
located in areas of undeveloped economics, as contrasted
to the sedimentary soils which exist in most centers of
population and industry.

Sowers (1963) gives the following typical depths of
residual soil§:

Southeastern United States 20 to 75 ft

Angola 25 ft

South India 25 to 50 ft

South Africa 30 to 60 ft

West Africa 33 to 66 ft

Brazil 33 to 83 ft
7.4 FILL

The two preceding sections considered the formation
of soil deposits by nature. A man-made soil deposit is
called a fill and the process of forming the deposit is
called filling. A fill is actually a “‘sedimentary” deposit
for which man carried out all of the formation processes.
Soil, termed borrow, is obtained from a source or made
by blasting, transported by land vehicle (such as truck,
scraper, pan, or bulldozer) or water vehicle (barge) or
pipe, and deposited by dumping. The fill can be left as
dumped, such as the rock toe in the earth dam shown in
Fig. 1.8 and the hydraulic fill shown in the terminal in
Fig. 1.9, or can be processed and densified—compacted—

(c)

(a) Undisturbed salt water deposit.

(b) Undisturbed fresh water deposit.

as for the core in the dam shown in Fig. 1.8 or the high-
way pavement shown in Fig. 1.11. The principles of
compaction and the properties of compacted soils are
treated in Chapter 34.

7.5 ALTERATIONS OF SOIL AFTER
FORMATION

The civil engineer working with soil must design his
structure not only for the properties of the soil as it
exists at the start of the project but also for the entire
design-life of the structure. He thus needs to know both
the properties of the soil at the start of the project
and how these properties will vary during the design-life.
Both the size and shape of a given deposit and the engi-
neering properties of the soil in the deposit may change
very significantly. Many of these changes occur independ-
ent of man’s activity, whereas others are brought about
by the construction activity itself.

The significant changes in engineering behavior that
can and do occur during the life of a soil make soil
engineering both difficult and interesting. The engineer
soon learns that soil is not inert but rather very much
alive and sensitive to its environment. Table 7.2 lists
the factors with the greatest influence on the behavior
of soil.

Stress

In general, an increase in stress on a soil element causes
anincreasein shear strength, a decrease in compressibility,
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Table 7.2 Factors Influencing Soil Behavior

Factors Influencing
Behavior of As-
Formed Deposit

Factors Contributing
to Changes in
Soil Behavior

Sedimentary soil

Nature of sediments Stress
Methods of transportation

and deposition Time
Nature of deposition

environment Water

Compacted soil

Nature of soil Environment
Amount of molding water
Amount and type of Disturbance

compaction

and a decrease in permeability; a reduction in stress
causes the reverse. The changes brought about by a
stress reduction are usually less than those caused by a
stress increase of equal magnitude.

During the formation of a sedimentary soil the total
stress at any given elevation continues to build up as the
height of soil over the point increases. Thus the proper-
ties at any given elevation in a sedimentary soil are con-
tinuously changing as the deposit is formed. The removal
of soil overburden, e.g., by erosion, results in a reduction
of stress. A soil element that is at equilibrium under the
maximum stress it has ever experienced is normally
consolidated, whereas a soil at equilibrium under a stress
less than that to which it was once consolidated is over-
consolidated.

There are construction activities that result in an
increase of the confining stress on soil and there are
activities that result in a reduction of stress. For example,
the embankment shown in Fig. 1.6 caused a very great
increase of vertical stress on the soils underneath the
embankment. When equilibrium was reached under this
embankment load, the soil underneath the embankment
had become much stronger. On the other hand, the
excavation for the Panama Canal (Fig. 1.14) resulted in
considerable unloading of the soil in the canal and
immediately adjacent to it. This unloading resulted in a
decrease in the strength of the shale immediately adjacent
to the canal and contributed to the slides that occurred
along the canal.

Time

Time is a dependent variable for the other factors
contributing to change in soil behavior (especially stress,
water, and environment). As noted in Chapter 2, for
the full effects of a stress change to be felt, water usually
must be extruded or imbibed in the soil element.. -Because

of the relatively low permeability of fine-grained soil,
time is required for this water to flow into or out of this
type of soil. Time is an obvious factor in chemical
reactions such as those occurring during weathering.

Water

As was discussed in Chapter 2, water can have two
deleterious effects on soil. First, the mere presence of
water causes the attractive forces between: clay particles
to decrease. Second, pore water can carry applied stress
and thus influence soil behavior. A sample of clay which
may have a strength approaching that of a weak concrete
when it has been dried can become mud when immersed
in water. Thus increasing the water content of a soil
generally reduces the strengch of the soil.

The activities of both nature and man'serve to alter
pore water conditions. In many parts of the world,
there is a very marked variation in water conditions
during the year. During the hot, dry season, there is a
lack of rain and the ground water level drops; during the
wet season, there is surface water and a general rising of
the ground water. This seasonal variation in water con-
ditions causes a marked change in soil properties through
the year.

There are many construction operations that alter
ground water conditions. For example, the dam shown
in Fig. 1.8 impounded a reservoir, which subjected the
foundation soils to a great increase in pore water pres-
sure. Not only were the foundation soils given an
increase in pore pressure, but many dry soils which had
never been inundated were submerged with water from
the reservoir. Construction for the two buildings shown
in Figs. 1.4 and 1.5 required a lowering of the water table.
This lowering caused a change in the properties of the
subsoils.

Environment

There are several characteristics of the environment of
a soil which may influence its behavior. The two con-
sidered here are the nature of the pore fiuid and tem-
perature. A sedimentary clay or compacted clay can be
formed with a pore fluid of a certain composition, and
at a certain temperature both of these can change during
the life of the deposit. Onec example is a marine clay laid
down in water high in salt, 35 g of salt/liter of water for
a typical marine environment. A marine clay is frequently
uplifted so that it is above the level of the sea, and the
ground waters percolating through the clay are of much
lower salt content than the sea water. Thus during the
life of the sedimentary clay there can occur a gradual
removal of the salt in the pore fluid so that, after many
thousands of years of leaching, the pore fluid can be
quite different from that at time of sediment formation.
As discussed in Chapter 5, reducing the electrolyte con-
tent of the water around soil particles can reduce the net




attraction between them. In other words, leaching of the
salt in the pore fluid can cause a reduction in shear
strength.

The most dramatic example of a reduction in shear
strength brought about from pore water leaching is
exhibited in the “quick clays”. These marine clays were
deposited in a highly flocculated condition. Despite the
resulting high water content, these clays developed a
moderately large strength because of the bonds that
formed at the edge-to-face contacts, These clays then
had most of the electrolyte in their pore fluid removed
by years of leaching. For this new environmental condi-
tion, the clay would tend to, be in a dispersed condition
(see Fig. 7.2¢c), and for the same water content it would
have very little strength. However, this change does not
show up fully until the clay is subjected to enough dis-
turbance to break the bonds built up by years of con-
fining stress. Upon disturbance, the clay may lose all of
its strength and become a soil-water slurry with zero
. shear strength. These quick clays have caused many
engineering problems in the Scandinavian countries and
in Canada where they are widespread. The landslide
shown in Fig. 1.13 occurred in a quick clay.

The change in temperature from time of deposit
formation to a given time under consideration can result
in a change of soil behavior. Thus a clay deposited in a
glacial lake undergoes a general warming during its life.
Further, a soil existing at great depth in the ground,
sampled and brought into the laboratory for testing, may
undergo property changes due to the difference in tem-
perature between the ground and the laboratory.
Increasing the temperature of a cohesive soil normally
causes an expansion of the soil as well as causing some
of the air dissolved in the pore fluid to come out of
solution.

The engineer can see from the discussion in this section
that he must give thought to how the properties of the
soil might change during the life of his structure, and not
expect to make a proper design solely on the basis of the
properties of the soil as it exists prior to construction.
He could be faced with a disastrous failure if he designed
his earth dam on the basis of the strengths of the soil
which exist prior to the construction of the dam. Later
chapters in this book will treat the principles needed to
select the proper values of strength, permeability, and
compressibility to be used in a given soil problem.

7.6 SOIL INVESTIGATION

Table 7.3 lists some.of the methods of soil investiga-
tion! in general use. The proper program of soil inves-
tigation for a given project depends on the type of
project, the importance of the project, and the nature of

1 The reader is referred to Terzaghi and Peck (1967) for a more
detailed treatment of soil investigation.
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the subsoils involved. For example, a large dam project
would usually require a more thorough subsoil investiga-
tion than would a highway project. A further example is
soft clays, which usually require more investigation than
do gravels.

The first four methods of soil investigation listed in
Table 7.3 normally cover a large area and arc intended
to give the engineer a general picture of the entire site.
Geophysical techniques make possible the detection of

Table 7.3 Methods of Soil Investigation

Reconnaissance

Visual inspection

Airphotos

Geologic reports and maps

Records of past construction
Exploration

Geophysical

Electrical

Pits—sampling and testing

Borings—sampling and testing
Field tests

Penetration tests

Vane tests

Water table—pore pressure tests

Pumping tests

Load tests

Compaction tests

markedly different strata in the subsoils. These tech-
niques permit a relatively large volume of subsoil to be
explored in a given period of time.

Sampling either from pits or from borings followed by
laboratory testing is widely used in soil investigation,
especially for important structures and relatively uniform
subsoils. The investigator can obtain high-quality un-
disturbed samples from open pits, but obviously pits can
be advanced only to relatively shallow depths. Pits or
trenches can be dug by hand or by power equipment such
as a back hoe or dozer. Borings can be made by augers
either with or without a casing.

There are difficulties in obtaining high-quality un-
disturbed soil samples, especially from considerable
depths. The sampling operation, sample transportation,
and specimen preparation require that the soil be sub-
jected to stresses which are quite different from those
that existed in the ground. This inherent change of stress
system alters the behavior of the soil. Further, the
sampling, transportation and preparation operation
usually subjects the specimen to strains that alter the soil
structure. For these reasons the determination of in situ
properties by laboratory tests can be most difficult.
Later chapters in this book discuss laboratory testing and
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Fig. 7.3 Penetrometers (From Schultze and Knausenberger, 1957).

point out some of the significant influences of sample
disturbance.

Field tests take on an increased importance in soils
which are sensitive to disturbance and in subsoil condi-
tions where the soils vary laterally and/or vertically. The
most widely used field test method is penetration testing.
Figure 7.3 shows some of the penetrometers that have
been used for soil investigation. These penetrometers are
driven or pushed into the ground and the resistance to
penetration is recorded. The most widely used
penetration test is the “standard penetration test”, which
consists of driving the spoon, shown in Fig. 7.4, into the
ground by dropping a 140-Ib weight from a height of
30 in. The penetration resistance is reported in number
of blows of the weight to drive the spoon 1 ft.

Table 7.4 presents a correlation of standard penetra-
tion resistance with relative density for sand and a cor-
relation of penetration resistance with unconfined
compressive strength for clay. The standard penetration
test 1s a very valuable method of soil investigation. It
should, however, be used only as a guide, because there

are many reasons why the results are only approximate.

Figure 7.5 presents the results of some penetration tests
run in a large tank in the laboratory. These test data
show that the penetration resistance depends on factors
other than relative density. As can be seen, the penetra-
tion resistance depends on the confining stress and on the
type of sand. Further, the figures show that the test data
scatter considerably. The influence of sand type on
penetration resistance is particularly large at low den-
sities—those of most interest. Another factor that may
have a marked influence on the penetration resistance of
a sand is the pore pressure conditions during the meas-
uring operation. If the level of water in the drill hole is
lowered prior to penetration measurement, a lowered
resistance can result.

Experience has shown that the determination of the
shear strength of a clay from the penetration test can be
very unreliable.

The standard penetration test should be used only as
an approximation or in conjunction with other methods
of exploration. ;
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Fig. 7.4 Spoon for standard penetration test (From Terzaghi and Peck, 1967).
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Table 7.4 Standard Penetration Test

Relative Density

of Sand Strength of Clay
Penetration Penetration Unconfined Compressive
Resistance N Relative Resistance N Strength
(blows/ft) Density (blows/ft) (tons/ft?) Consistency
04 Very loose <2 <0.25 Very soft
4-10 Loose 2-4 0.25-0.50 Soft
10-30 Medium 4-8 0.50-1.00 Medium
30-50 Dense 8-15 1.00-2.00 StifT
>50 Very dense 15-30 2.00-4.00 Very stiff
" >30 >4.00 Hard

From Terzaghi and Peck, 1948.

In certain countries, such as Holland, subsoil condi-
tions are such that penetration testing has proved to be a
relatively reliable technique. More sophisticated tech-
niques [such as the friction jacket cone (Begemann,
1953)] have been widely used.

The vane test has proved to be a very useful method of
determining the shear strength of soft clays and silts.
Figure 7.6 shows various sizes and shapes of vanes which
have been used for field testing. The vane is forced into
the ground and then the torque required to rotate the
vane is measured. The shear strength is determined from
the torque required to shear the soil along the vertical
and horizontal edges of the vane.

As later chapters in this book will show, a proper sub-
soil investigation should include the determination of
water pressure at various depths within the subsoil.
Methods of determining pore water pressure are dis-
cussed in Part IV. Part1V also notes how the permeability
of a’subsoil can be estimated from pumping tests.

Various load tests and field compaction tests may be
highly desirable in important soil projects. In this type
of test, a small portion of the subsoil to be loaded by the
prototype is subjected to a stress condition in the field
which approximates that under the completed structure.
The engineer extrapolates the results of the field tests to
predict the behavior of the prototype.

7.7 SUBSOIL PROFILES

Figures 7.7 to 7.17 present a group of subsoil profiles
and Table 7.5 gives some information on the geological
history of the various profiles. The purposes of presenting
these profiles are to:

1. Indicate how geological history influences ‘soil
characteristics.
2.” Give typical values of soil properties.

3. Show dramatically the large variability in soil
behavior with depth.

4. Tllustrate how engincers have presented subsoil data.

Three considerations were used in the selection of the
profiles: first, examples were chosen with different types
of geological history; second, most of the profiles are
ones for which there are excellent references giving
considerably more detail on the characteristics of the
soil and engineering problems involved with the particular
profile; and finally, most of the profiles selected have
been involved in interesting and/or important soil
engineering projects.

Some of the soil characteristics shown in the profiles
have already been described in this book. These charac-
teristics include water content, unit weight, void ratio,
porosity, Atterberg limits, and particle size. Other
characteristics, particularly those referring to strength
and compressibility, will be discussed in detail in later
portions of this book. Reference will then be made back
to these profiles.

"The profiles illustrate many concepts presented in the
preceding parts of this book; some of them are discussed
in the remaining part of this section.

Stress History

In a normally consolidated sedimentary soil both the
void ratio and water content decrease with depth in the
profile, and the strength therefore increases. This charac-
teristic is illustrated in several of the profiles, e.g., the
Norwegian marine clay (Fig. 7.7), the Thames Estuary
clay (Fig. 7.10), and the Canadian clay (Fig. 7.11). The
London clay is overconsolidated since it was compressed
by a greater overburden than now exists. Erosion
removed some of the original overburden. As would be
expected, the overconsolidated London clay does not
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Fig. 7.5 Results of standard penctration tests. (a) Coarse sand. (b) Fine

sand. (From Gibbs and Holtz, 1957.)




LN

(a)

130

195

65

65

130

97.5

I

260

65

Dimensions (mm)

130
®)

130

97.5
65
130

Fig. 7.6 Vanes. (@) Vane. (b) Vanes studied by Aas (1965).

Table 7.5 Subsoil Profiles

Number

Profile

Formation

Post Deposition

Comments

References

1

10

11

Norwegian
marine clay

London clay

Boston blue
clay

Thames
Estuary clay

Canadian
varved clay

Mexico City
clay

Chicago clay
and sand

South African
clay

Brazilian
residual clay

Volga River
sand

Kawasaki
subsoils

Sediments transported by
rivers of melted glaciers
of Pleistocene and de-
posited in sea

Deposited under marine
conditions during the
Eocene, roughly 30 miliion
years ago

Sediments transported by
streams of melted glaciers
of Pleistocene and de-
posited in the quiet marine
waters of Boston Basin

Sediments transported by
streams and deposited in
an estuary during post-
glacial time

Sediments transported by
streams from melting
glaciers and deposited in
cold lakes

_ Sediments of volcanic origin

deposited in Jake in valley
of Mexico during late
Pleistocene

Clay deposited as till sheets
by glaciers, during both
advancing and receding
stages, and deposited in
glacial lakes

Formed in place by
weathering of rock
Alluvial sand of the Volga

river
Il

"Alluvial deposits of the

Holocene Epoch. Top
4 m hydraulic fill

Sediments uplifted and
leached. Surface
dried and weathered

Uplift and erosion re-
moved the overlying
deposits and % to %
of London clay

Clay uplifted, sub-
merged, and re-
uplifted

Pumping from water
wells has lowered
water table

Clay surface desiécaled,
giving crust usually
3-6 ft thick

Normally consolidated
below surface crust

Overconsolidated to
maximum past pressure
~ 20T/ft?

Overconsolidated at top,
normally consolidated
at bottom

Normally consolidated
below surface crust

Light, silt layer laid down
in spring, summer;
dark “‘clay” layer, in
winter

In some parts of city clay
is normally consoli-
dated, other parts
overconsolidated

Data in Fig. 7.17 ob-
tained on frozen
samples from pits

Profile shown in Part IV

Bjerrum, 1954

Skempton and
Henkel, 1957

Ward, Samuels and
Butler, 1959

Horn and Lambe,
1964

Skempton, 1948

Skempton and
Henkel, 1953

Milligan, Soderman
and Rutka, 1962

Eden and Bozozuk,
1962

Marsal, 1957

Lo, 1962

Zeevaert, 1953

Peck and Reed,
1954

Jennings, 1953
Vargas, 1953
Durante, Kozan,

Ferronsky, and
Nosal, 1957
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Dezfcrsigitlion Water content (%) Shear strength (ton/m?2) Average values
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1] Silty clay O \
] weathered \
; T
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i RN\ WL
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i +
\ w= 387é7% / 3
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10 >> + wy=377% wp=17.4% "
\ c/p=0.165 S;=7
e
T W,y 4+
Soft clay
‘lhomogeneous| Wmin L,
; [ Wmax
YV 15 Wpi, / Wi k_
R \“\“
20 7 *
R / lqv + Vane tests
mUSEE
/ +
B 7 25
wy = liquid limit
/| Depth (m) wp = plastic limit ;
A A

(a)

Fig. 7.7 Norwegian marine clay. (a) Results of a boring in Drammen. (b) Results of
a boring at Manglerud in Oslo. (From Bjerrum, 1954.)

show a marked reduction in water content or increase in
strength with depth.

The surfaces of most of the soil profiles contain crusts
resulting from desiccation and weathering. Drying
causes pore waler tensions, which increase the stress
between soil particles and overconsolidate the clay.
Desiccation also encourages chemical weathering, espec-
ially oxidation, which gives thc soil an apparent over-
consolidation.

In both the Mexico City clay and London clay the pore
‘water pressure in the soil is less than the static pressure.
The importance of this reduced water pressure is dis-
cussed in detail in Parts 1V and V of this book.

The Brazilian residual clay (Fig. 7.16) shows evidence of
overconsolidation in the upper half of the stratum and
normal consolidation in the lower half. It is doubtful
that one should use the terms “overconsolidated” and
“normally counsolidated™ in reference to residual soils,
however.

Sensitivity

Time and changes in stress and environment since the
time of formation may result in a soil having a higher
strength in the undisturbed state than it does in the
remolded state (after the soil has been thoroughly
worked as was done prior to the liquid limit test described
in Chapter 3). The term sensitivity is used to describe
this difference in strength and is determined by the ratio
of the strength in the undisturbed state to that in the
remolded state. Sensitivity is related to liquidity index,
since the greatest loss of strength should occur in a highly
flocculated soil whose water content is very large com-
pared to its liquid limit as measured using remolded
soil. As discussed in the preceding section, sedimentary
soils laid down in a marine environment and then leached
after deposition tend to havé high sensitivity. Any soil
with a sensitivity equal to or greater than eight is termed
“quick”. The Manglerud clay (Fig. 7.7) is an extreme
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example of a quick clay, having a sensitivity ranging to Norwegian marine clay—however, they can have much
above 500. The Canadian clay (Fig. 7.11) is also quick. higher values, as indicated by the data on the Canadian
Variability in Soil . varved clay, especially the dark layers.

The Mexico City clay, containing the clay mineral
montmorillonite and volcanic ash, is one of the most
plastic clays encountered by the soil engincer. As can
be seen in Fig. 7.13, this clay can have values of Pl in
excess of 400. The South African soils (Fig. 7.15) can
‘have high values of PI and fall above the 4 line on the
plasticity chart. This characteristic is common of soils
which present heave problems as do some of the South
African clays.

The profiles offer many examples of variability in soils,
over both large and small distances. In the Manglerud
clay and Thames Esturay clay, distinct strata of many feet
of thickness can be detected. In the sedimentary clays
there often exists a large variation in soil properties over
distances of less than an inch. Such variations over small
distances are dramatically shown in the Canadian varved
clay (Fig. 7.12). Figure 7.12 shows the great differences
in water content and plasticity between the dark (“clay”)

and light (“silt”) layers. ‘\ 7.8 SUMMARY OF MAIN POINTS
Plasticity 1. The determination of the soil profile is an essential
The plasticity of the clay shown in the various profiles step in almost all soil mechanics problems.
varies tremendously. The glacial clays, generally con- 2. The properties of the soils in a profile depend on
taining a signiﬁcapt amount of the clay mineral illite, ‘ (a) the nature of soil components, (b) the meth-
" tend to have relatively low plasticity. Values of plasticity od of profile formation, and (¢) the alteration of
index of 15 to 20 are shown for the glacial clays, e.g., the the profile after formation.
De;fc rslgitlnon Water content (%) Shear strength (ton/m?) Average values
20 30 40 50 1 23 45678
— Topsoil 0 i { $
= GWL 5 /o—/l
Weathered clay +/
— — Way /
—t \ +Z
5 = b &P
by #min \i, tomax ‘@‘
> H w =40.0% v = 1.85 (t/m3)
(- &1 wi=277% 1, = 19.4%
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/ ¥
~101-wp =—w \
' \
[l 00 \L
4
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. | wy=21.8% 1w,=17.0%
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+— L o
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Fig. 7.7 (continued)
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Fig. 7.8 London clay. (a) Test results at Paddington. (b) Test results at Victoria and South Bank. (From Skempton
and Henkel, 1957.)
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Fig. 7.16 Brazilian residual clay. (a) Porous residual clay (Campinas) from decomposition of a clayey sandstone.
Variation of consistency, grain-size distribution, and porosity with depth. (b) Residual clay (Belo Horizonte) from decompo-
sition of gneiss. Variation of consistency, grain-size distribution, and porosity with depth. (c) Virtual preconsolidation
pressures against depth of samples. (From Vargas, 1953.)
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Fig. 7.17 Volga River sand (Frorh Durante ct al., 1957).

3. There are many methods available for investigating
subsoils. The standard penetration test is very use-
ful for giving an approximate, general portrayal of
the subsoil profile. Sampling and laboratory and
field testing are usually necessary to obtain design
data.

4. Experience—as illustrated by the actual profiles
shown in Figs. 7.7 to 7.17—emphasizes the impor-
tance of stress history and the great variability of
soil properties in a given profile.

PROBLEMS

7.1 Suggest soil investigation methods for each of the
following situations:

a. Dwelling house on sand.

b. Highway section on rock,

¢. 100-ft-high embankment on 20-ft deep deposit of soft
clay.

d. Large compressor foundation on 10-ft hydraulic sand fill.

7.2 Plot depth (ordinate) versus liquidity index (abscissa)
for:

a. Manglerud clay (Fig. 7.7).

b. Paddington clay (Fig. 7.8).

c. Chicago clay (Fig. 7.14).
Comment on any relationship between liquidity index and
geological history for each clay.

7.3 Plot sensitivity (ordinate) versus liquidity index
(abscissa) using data from the following soils:

a. Drammen clay and Mangerud clay (Fig. 7.7).

b. Boston blue clay (Fig. 7.9).
Comment on any relationship between sensitivity and
liquidity index. '

7.4 Compute the activity of Boston blue clay, a Canadian
varved clay, and a Brazilian residual clay.
" 7.5 -For the Voiga River sand (Fig. 7.17) plot relative
density (abscissa) versus depth (ordinate).
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PART TII

Dry Soil

Part III establishes certain basic principles concerning
the stress-strain behavior of the skeleton of the soil by
considering cases (i.e., dry soils) in which there are no
important interactions between the skeleton and the pore
fluid. The principles concerning the properties of dry
soils will be of the greatest value to the study of soils
containing water in Parts IV and V.

When we talk about dry soil in Part I1I, we mean an

air-dried soil. Even an air-dried sand actually contains a
small amount of water (perhaps a water content as much
as 19,). However, as long as the particle size is that of a
coarse silt or larger, this small amount of moisture has
little or no effect upon the mechanical properties of the
soil. The principles established in Part 111 apply to a
wide variety of dry soils including coarse silts, sands, and
gravels.




CHAPTER 8 ;

Stresses within a Soil Mass

Part IT dealt with the forces that act between individual
soil particles. In an actual soil it obviously is impossible
to keep track of the forces at each individual contact
point. Rather, it is necessary to use the concept of stress.

This chapter introduces the concept of stress as it
applies to soils, discusses the stresses that exist within a
soil as a result of its own weight and as a result of applied
forces, and, finally, prese.ats some useful geometric
representations for the state of stress at a point within
a soil.

8.1 CONCEPT OF STRESS FOR A
PARTICULATE SYSTEM

Figure 8.1a shows a hypothetical small measuring
device (Element A4) buried within a mass of soil. We
imagine that this measuring device has been installed in

such a way that no soil particles have been moved. The
sketches in Fig. 8.10, ¢ depict the horizontal and vertical
faces of Element A, with soil particles pushing against
these faces. These particles generally exert both a nor-
mal force and a shear force on these faces. If each face
is square, with dimension a on each side, then we can
define the stresses acting upon the device as

N, N, T T,

a2

01):‘_25 T = 'Tv=_v (8'1)

a a*

2

where N, and N,, respectively, represent the normal
forces. in the .vertical and horizontal directions; T, and
-T),, respectively, represent the shear forces in the vertical
and horizontal directions; and o,, 0,, 7,, and 7, represent
the corresponding stresses. Thus we have defined four
stresses which can, at least theoretically, be readily
visualized and measured.
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Fig. 8.2 Definition of stress in a particulate system.
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In Part 111, except as noted, it will be assumed that
the pressure within the pore phase of the soil is zero;
i.e., equal to atmospheric pressure. Hence the forces N,,
N,, T,, and T, arise entirely from force that is being
transmitted through the mineral skeleton. In dry solil,
stress may be thought of as the force in the mineral skeleton
per unit area of soil.

Actually, it is quite difficult to measure accurately the
stresses within a soil mass, primarily because the presence
of a stress gage disrupts the stress field that would other-
wise exist if the gage were not present. Hamilton (1960)
discusses soil stress gages and the problems associated
with them. In order to make our definition of stress
apply independently of a stress gage, we pass an imagin-
ary plane through soil, as shown in Fig. 8.2. This plane
will pass in part through mineral matter and in part
through pore space. [t can even happen that this plane
passes through one or more contact points between
particles. At each point where this plane passes through
mineral matter, the force transmitted through the mineral
skeleton can be broken up into components normal and
tangential to the plane. The tangential components can
further be resolved into components lying along a pair
of coordinate axes. These various components are
depicted in Fig. 8.2. The summation over the plane of
the normal components of all forces, divided by the area
of the plane, is the normal stress o acting upon the plane.
Similarly, the summation over the plane of the tangential
components in, say, the z-direction, divided by the area
of this plane, is the shear stress T, in the z-direction.

There is still another picture which is often used when
defining stress. One imagines a “wavy” plane which is
warped just enough so that it passes through mineral
matter only at points of contact between particles. Stress

T, zT,

= — T
a Xa - a X a

is then the sum of the contact forces divided by the area
of the wavy plane. The summation of all the contact areas
will be a very small portion of the total area of the plane,
certainly less than 19%. Thus stress as defined in this
section is numerically much different from the stress at
the points of contact. o )

In this book, when we use the word “‘stress’’ we mean
the macroscopic stress; i.e., forceftotal area, the stress
that we have just defined with the aid of Figs. 8.1 and 8.2.
When we have occasion to talk about the stresses at the
contacts between particles,” we shall use a qualifying
phrase such as *“‘contact stresses”. As whs discussed in
Chapter 5, the contact stresses between soil particles will
be very large (on the order of 100,000 psi). The macro-
scopic stress as defined in this chapter will typically range
from 1 to 1000 psi for most actual problems.

The concept of stress is closely associated with the
concept of a continuum. Thus when we speak of the
stress acting at a point, we envision the forces against
the sides of an infinitesimally small cube which is com-
posed of some homogeneous material. At first sight we
may therefore wonder whether it makes sense to apply
the concept of stress to a particulate system such as soil.
However, the concept of stress as applied to soil is no
more abstract than the same concept applied to metals.
A metal is actually composed of many small crystals, and
on the submicroscopic scale the magnitude of the forces
between crystals varies randomly from crystal to crystal.
For any material, the inside of the “infinitesimally small
cube” is thus only statistically homogeneous. In a sense
all matter is particulate, and it is meaningful to talk about
macroscopic stress only if this stress varies little over
distances which are of the order of magnitude of the size
of the largest particle. When we taik about the stresses




at a “‘point” within a soil, we often must envision a rather
large “point”.

Returning to Fig. 8.1, we note that the forces N,, etc.,
are'the sums of the normal and tangential components of
the forces at each contact point between the soil particles
and the faces. The smaller the size of the particle, the
greater the number of contact points with a face of
dimension a. Thus for a given value of macroscopic
stress, a decreasing particle size means a smaller force
per contact. For example, Table 8.1 gives typical values
for the force per contact for different values of stress and
different particle sizes (see Marsal, 1963).

!

\

Table 8.1 Typical Values for Average Contact Forces
within Granular Soils «

Average Contact Force (Ib)
for

Particle  Particle Macroscopic Stress (psi)
De- Diameter
scription ' (mm) 1 10 100
60 3 30 300
Gravel
2.0 0.003 0.03 0.3
Sand
0.06 3 x 107 3 x 10-%  0.0003
Silt

0.002 3x 107® 3 x10% 3x 1077

8.2 GEOSTATIC STRESSES

Stresses within soil are caused by the external loads
applied to the soil and by the weight of the soil. The
pattern of stresses caused by applied loads is usually quite
complicated. The pattern of stresses caused by the soil’s
own weight can also be complicated. However, there is
one common situation in which the weight of soil gives
rise to a very simple pattern of stresses: when the ground
surface is horizontal and when the nature of the soil varies
but little in the horizontal directions. This situation
frequently exists, especially in sedimentary soils. In such
a situation, the stresses are called geostatic stresses.

Vertical Geostatic Stress

In the situation just described, there are no shear
stresses upon vertical and horizontal planes within the
soil. Hence the vertical geostatic stress at any depth can
be computed simply by considering the weight of soil
above that depth.

Thus, if the unit weight of the soil is constant with
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Stress (g, and ap)

Depth z

Fig. 8.3 Geostatic stresses in soil with horizontal surface.

depth,

Gy =2y (8.2)

where z is the depth and y is the total unit weight of the
soil. In this case, the vertical stress will vary linearly with
depth, as shown in Fig. 8.3. A typical unit weight for a
dry soil is 100 pef.  Using this unit weight, Eq. 8.2 can be
converted into the useful set of formulas listed in Table
8.2.1

Table 8.2 Formulas for Computing Vertical Geostatic
Stress

Units for o, Units for = Formula for o,
psf feet 100z

psi feet 0.694z
kgfecm? meters 0.158z2
atmospheres feet 0.04732

Note. Based upon y = 100 pcf. For any other unit
weight, multiply by »/100.

Of course the unit weight is seldom constant with depth.
Usually a soil will become denser with depth because of
the compression caused by the geostatic stress. If the
unit weight of the soil varies continuously with depth,
the vertical stress can be evaluated by means of the
integral

, = ]‘ y dz (8.3)
Jo

1 A complete tist of factors for converting one set of units (o others
is given in the Appendix.
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If the soil is stratified and the unit weight is different for
each stratum, then the vertical stress can conveniently be
computed by means of the summation

o,= 2 y Az (8.4)

Example 8.1 illustrates the computation of vertical
geostatic stress for a case in which the unit wexght is a
function of the geostatic stress.

» Example 8.1

Given. The relationship between vertical stress and unit
weight
y = 95 + 0.00070,

where 3 is in pcf and g, is in psf.
Fma’ The vertical stress at a depth of 100 feel for a
geostatic stress condition.

Solution Using Calculus. From Eq. 8.3:

o = f (95 + 0.0007¢,) d= (z in feet)
0

or

da,

= =95 + 0.00070,
z

The solution of this differential equation is:

0, = 135,800(c0-0007= _ })

For =z = 100 ft:

o, = 135,800(1.0725 — 1) = 9840 psf

Alternative Approximate Solution by Trial and Error.

First trial: assume average unit weight from z =0 to

= 100 ft is 100 psf. Then o, at z = 100 ft would be 10,000
psf. Actual unit weight at that depth would be 102 pcf, and
average unit weight (assuming linear variation of y with
depth) would be 98.5 pcf.

Second trial: assume average unit weight of 98.5 pcf. Then
atz = 100 ft, o, = 9850 psfand y = 111.9 pcf. Average unit
weight is 98.45 pcf, which is practically the same as for the
previous trial.

The slight discrepancy between the two answers occurs
because the unit weight actually does not quite vary lincarly
with depth as assumed in the second solution. The dis-
crepancy can be larger when y is more sensitive to ¢,. The
solution using calculus is more accurate, but the user easily
can make mistakes regarding units. The accuracy of the trial
solution can be improved by breaking the 100-ft depth into
layers and assuming a uniform variation of unit weight
through each layer. <«

Horizontal Geostatic Stress

The ratio of horizontal to vertical stress is expressed
by a factor called the coefficient of lateral stress or lateral

stress ratio, and is denoted by the symbdi K:

=2 (8.5)
UD
This definition of K is used whether or not the stresses are
geostatic. ‘

Even when the stresses are geostatic, the value of K
can vary over a rather wide range depending on whether
the ground has been stretched or compressed in the
horizontal direction by either the forces of nature or the
works of man. The possible range of the value of X will
be discussed in some detail in Chapter 11.

Often we are interested in the magnitude of the horizon-
tal geostatic stress in the special case where there has been
no lateral strain within the ground. In the special case,
we speak of the coefficient of lateral stress at rest® (or
lateral stress ratio at rest) and use the symbol K.

As discussed in Chapter 7, a sedimentary soil is built
up by an accumulation of sediments from above. As
this build-up of overburden continues, there is vertical
compression of soil at any given elevation because of the
increase in vertical stress. As the sedimentation takes
place, generally over a large lateral area, there is no
reason why there should be significant horizontal com-
pression during sedimentation. From this, one could
logically reason that in such sedimentary soil the horizon-

- tal total stress should be less than the vertical stress. For

a sand deposit formed in this way, K, will typically have
a value between 0.4 and 0.5.

On the other hand, there is evidence that the horizontal
stress can exceed the vertical stress if a sbil deposit has
been heavily preloaded in the past. In effect, the horizon-
tal stresses were “locked-in” when the soil was previously
loaded by additional overburden, and did not disappear
when this loading was removed. For this case, X, may
well reach a value of 3. N

The range of horizontal stresses for the at rest condition
have been depicted in Fig. 8.3.

8.3 STRESSES INDUCED BY APPLIED LOADS

Results from the theory of elasticity are often used to
compute the stresses induced within soil masses by extern-
ally applied loads. The assumption of this theory is that
stress is proportional to strain. Most of the useful solu-
tions from this theory also assume that soil is homogeneous
(its properties are constant from point to point) and
isotropic (its properties are the same in each direction
through a point). Soil seldom if ever exactly fulfills,’and
often seriously violates, these assumptions. Yet the soil
engineer has little choice but to use the results of this
theory together with engineering judgment.

2 The phrase coefficient of latgral pressure is also used, but in
classical mechanics the word pressure is used in connection with a
fluid that cannot transmit shear.
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Fig. 8.4 Vertical stresses induced by uniform load on circular area.

It is a very tedious matter to obtain the elastic solution
for a given loading and set of boundary conditions. In
this book, we are concerned not with how to obtain
solutions but rather with how to use these solutions.
This section presents several solutions in graphical form.

Uniform load over a circular area. Figures 8.4 and 8.5
give the stresses caused by a uniformly distributed normal
stress Ag, acting over a circular area of radius R on the

surface of an elastic half-space.® These stresses must be
added to the initial geostatic stresses. Figure 8.4 gives

3 In general, the stresses computed from the theory of elasticity
are functions of Poisson’s ratio s#. This quantity will be defined in
Chapter 12. However, vertical stresses resulting from normal
stresses applied to the surface are always independent of s, and
stresses caused by a strip load are also independent of yi. Thus of
the charts presented in this chapter only those in Fig. 8.5 depend
upon g, and are for p = 0.45.
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the vertical stresses. The significance of Acg, and Agy,
given in Fig. 8.5, will be discussed in Section 8.4. For
the moment it suffices to know that along the vertical
center line

Ao, = Ao, and Ag, = Ag,

Example 8.2 illustrates the use of these charts. The
stresses induced by a surface loading must be added to
the geostatic stresses in order to obtain the final stresses
after a loading.

Charts such as these give the user a feel for the spread
of stresses through a soil mass. For example, the zone
under a loaded area wherein the vertical stresses are
significant is frequently termed the ‘““bulb” of stresses.
For a circular loaded area, the vertical stresses are less
than 0.15Ag, at a depth of 3R and less than 0.10Ag, at a
depth of 4R. Usually the stress bulb is considered to be
the volume within the contour for 0.1Aq,, but this choice
is strictly arbitrary.

Uniform load over rectangular area. The chart in
Fig. 8.6 may be used to find the vertical stresses beneath
the corner of a rectangularly loaded area.  Zxample 8.3
illustrates the way in which this chart may be used to
find the stresses at points not lying below the corner of a
load. Problems involving surface loads which are not

» Example 8.2

Given.

Soil with y = 105 pcf and K, = 0.5, loaded by

Ag, = 5000 psf over a circular area 20 ft in diameter.
Find. The vertical and horizontal stresses at a depth of
10 ft. under the center of the loaded area.

Solution.

)

Vertical Stress

Horizontal Stress

(psf) (psf)
Initial stresses yz = 1050 Kyyz = 525
Stress Fig. 8.4 Fig. 8.5b
increments  (0.64)(5000) = 3200 (0.10)(5000) = 500
Final stresses 4250 1025
<

» Example 8.3

Given. The plan view of a loading shown in Fig. E8.3-1.
Find. The vertical stress at a depth of 10ft below point A.

Solution.

The given loading is equivalent to the sum of

the four loadings shown in Fig. E8.3-2.

uniformly distributed or which are distributed over an Loading m n Coefficient Aoy — kst
irregularly shaped area-can be handied by breaking the I L5 ) 0.223 0.223
load up into pieces involving uniformly distributed loads I 0.5 5 0.135 _01135
over rectangular areas. I 1.5 0.5 0.131 —0.131

Strip loads. Figures 8.7 and 8.8 give stresses caused v 0.5 0.5 0.085 0.085
by strip loadings; i.e., loadings which are infinitely long 0.042 ksf
in the direction normal to the paper. Two cases are
shown: load uniformly distributed over the strip and <
load distributed in a triangular pattern. Again, Ao, = A
Ao, and Agy = Aog, along the center line.

Other solutions. Solutions are also available in chart an
form for other loading conditions, for layered elastic St
bodies, and for elastic bodies which are rigid in the Lot Agy = 1ks!
horizontal directions but can strain in the vertical direc- )
tion. With the digital computer, the engineer can readily

151
Fig. E8.3-1
A 20 # A A A
I 7 1 T B T
-1 5ft 4151t +1 |51t
151t +1 Unloading/ ~1
+ + +
Unloading—1 :
201t

Fig. E8.3-2
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Fig. 8.7 Principal stresses under strip load.

obtain elastic stress distributions for almost any loadi'ng
and boundary conditions. Charts such as those given
here are useful for preliminary analysis of a problem or
when the computer is not available.

Accuracy of calculated vaJues of induced stresses. A
critical question is: How accurate are the values of
induced stresses as calculated from stress distribution
theories? This question can be answered only by com-
paring calculated with actual stress increments for a
number of field situations. Unfortunately, there are very
few reliable sets of measured stress increments within soil
masses (see Taylor, 1945 and Turnbull, Maxwell, and
Ahlvin, 1961).

The relatively few good comparisons of calculated with
measured stress increments indicate a surprisingly good
agreement, especially in the case of vertical stresses. A
great number of such comparisons are needed to establish
the degree of reliability of calculated stress increments,
At the present stage of knowledge, the soil engineer must
continue to use stress distribution theories based on the
theory of elasticity for lack of better techniques. He
should realize, however, that his computed stress values
may be in error by as much as £259 or more.

8.4 PRINCIPAL STRESSES AND MOHR
CIRCLE

As in any other material, the normal stress at a point
within a soil mass is generally a function of the orienta-
tion of the plane chosen to define the stress. Itis meaning-
less to talk of the normal stress or the shear stress at a
point. Thus subscripts will usually be attached to the
symbols ¢ and 7 to qualify just how this stress is defined.
More generally, of course, we should talk of the stress
tensor, which provides a complete description for the
state of stress at a point. This matter is discussed in
textbooks on elementary mechanics, such as Crandall
and Dahl (1959). The following paragraphs will state
the essential concepts/and definitions.

Principal Stresses

There exist at any stressed point three orthogonal (i.e.,
mutually perpendicular) planes on which there are zero
shear stresses. These planes are called the principal stress
planes. The normal stresses that act on these three planes
are called the principal stresses. The largest of these three
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Fig. 8.8 Principal stresses under triangular strip load.

stresses is called the major principal stress o, the smallest
is called the minor principal stress oy, and the third is
called the intermediate principal stress o,.

When the stresses in the ground are geostatic, the
horizontal plane through a pointis a principal plane and
so too are all vertical planes through the point. When
K<, g,= 0y, 0,=0,, and o, = 0, = 0, When
K > 1 the situation is reversed: o, = o,, 0, = 03, and
0y =0, =0, When K=1, o,=0, =0, = 0y, = 04
and the state of stress is isotropic.

We should also recall that the shear stresses on any
two orthogonal planes (planes meeting at right angles)
must be numerically equal. Returning to the definition
of stresses given in Section 8.1, we must have 7, = 7,.

Mohr circle. Throughout most of this book, we shall
be concerned only with the stresses existing in two
dimensions rather than those in three dimensions.* More

4 The intermediate principal stress unquestionably has some
influence upon the strength and stress-strain properties of soil.
However, this influence is not well understood. Until this effect
has been clarified, it seems best to work primarily in terms of
oy and oy.

specifically, we shall be interested in the state of stress in
the plane that contains the major and minor principal
stresses, o; and o, Stresses will be considered positive
when compressive. The remainder of the sign conven-
tions are given in Fig. 8.9. The quantity (o, — g3) is
called the deviator stress or stress difference.

Given the magnitude and direction of o, and o3, it is
possible to compute normal and shear stresses in any
other direction using the equations developed from statics
and shown in Fig. 8.9.5 These equations, which provide
a complete (in two dimensions) description for the state
of stress, describe a circle. Any point on tke circle, such
as A, represents the stress on a plane whose normal is
oriented at angle 0 to the direction of the major principal
stress. This graphical representation of the state of stress
is known as the Mohr circle and is of the greatest impor-
tance in soil mechanics.

Given o, and o, and their directions, it is possible to
find the stresses in any other direction by graphical

5 Equations 8.6 and 8.7 are derived in most mechanics texts;
e.g., sec Crandall and Dahl (1959), pp. 130-138.
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Fig. 8.9 Representation of stress by the Mohr circle. (a)

Equations for state of stress at a point. (b) Mohr diagram for

state of stress at a point.  is'positive when counterclockwise;
6 is measured counter clockwise from the direction of ;.

e

oy + 0 gy — O

0y = 0, cos? 0 + agsin® 0 = 12 L ‘2 % cos20 (8.6)
. 0y — 03 .

7 = (0, — a3)sinfcos § = sin 20 (8.7)

construction using the Mohr circle. Or, given the o, and
T4 that act on any fwo planes, the magnitude and direction
of the principal stresses can be found. The notion of the
origin of planes is especially useful in such constructions.
The origin of planes is a point on the Mohr circle,
denoted by Op, with the following property: a line
through Op and any point<4 of the Mohr circle will be
parallel to the plane on which the stresses given by point
A act. Examples 8.4 to 8.7 illustrate the use of the Mohr
circle and of the origin of planes. The reader should
study these examples very carefully.

The maximum shear stress at a point, 7., is always
equal to (oy L g,)[2; ie., the maximum shear stress
equals the radius of the Mohr circle. This maximum
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shear stress occurs on planes lying at £45° to the major
principal stress direction.

If the stress condition is geostatic, the largest shear
stress will be found upon planes lying at 45° to the
horizontal. The magnitude of the maximum shear stress
will be

ifK <1, me=i’2—”(1—x)
. o,
K> 1, = 2 (K= 1)
K =1 7px=0

8.5 p-¢ DIAGRAMS

In many problems it is desirable to represent, on a
single diagram, many states of stress for a given specimen
of soil. In other problems, states of stress for many
different specimens are represented on one such diagram.
In such cases it becomes cumbersome to plot Mohr
circles, and even more difficult to see what is on the
diagram once all circles are plotted.

An alternative scheme for plotting the state of stress is
to plot a stress point whose coordinates are

0y + 03
P 2
+ if oy is inclined equal to or
Jess than 4-45° to the vertical

(8.8)
— if g, is inclined less than
+45° to the horizontal

Tn most cases for which the stress point representation is
used, the principal stresses act on vertical and horizontal
planes. Then Eq. (8.8) simplifies to

- O’U + G}L

Ty Oy
s = — 8.9

Plotting a stress point is equivalent to plotting one single
point of a Mohr circle: the uppermost point if ¢ is posi-
tive or the bottom-most point if ¢ is negative. Numeri-
cally, ¢ equals one-half of the deviator stress.

Example 8.8 shows stress points corresponding to the
state of stress worked out in Examples 8.4 to 8.6. Know-
ing the values of p and g for some state of stress, one has
all of the information needed to plot the corresponding
Mohr circle. However, the use of a p-¢g diagram is no

-substitute for the use of the Mohr circle construction to

determine the magnitude of these principal stresses from
a given state-of-stress.
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» Example 8.4
Given. Figure E8.4-1.

20 psi B A

30°

40 psi . 40 psi

B / T
20 psi

Fig. E8.4-1

Find. Stresses on plane B-B.
Solution. Use Fig. E8.4-2.

10 ¢
( /4
Op
T, . B
I L
)
N
-10 A c ‘
10 208 30 5, 40 '

Fig. E8.4-2

. Locate points with co-ordinates (40, 0) and (20, 0).
. Draw circle, using these points to define diameter.
Draw line 4’4" through point (20, 0) and parallel to plane on which stress (20, 0) acts. ..
Intersection of 4’4" with Mobhr circle at point (40, 0) is the origin of planes.
Draw line B'B’ through Op paralle] to BB.

. Read coordinates of point X where B’B’ intersects Mohr circle.

nswer. Sce Fig. E8.4-3.

N LA L

o = 25 psi
on BB .
T = —8.7 psi

40 psi

T2O psi

Fig. 8.4-3

Alternate Solution. Steps 1 and 2 same as above.
3. Draw line C'C’ through (40, 0) parallel to plane on which stress (40, 0) acts. C'C’is

vertical.

4, C'C’ intersects Mohr circle only at (40, 0), so this point is Op. Steps 5 and 6 same as

above,

Solution Using Eqs. 8.6 and 8.7.
o, =40 psi o3 =20psi 0 =120°
40 +20 40 - 20
=Tt
_ 40 — 20

To——

cos 240° = 30 — 10 cos 60° = 25 psi

sin 240° = —10sin 60° = —8.66 psi

(Questions for student. Why is 0 = 120°? Would result be different if 0 = 300°7)
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» Example 8.5
Given. Figure E8.5-1.

60°
’A psi
20 psi\k \\

D

D
\/\
' 20 psi
WA

psi

Fig. E8.5-1

Find. Stresses on horizontal plane DD.

Solution.
1. Locate points (40, 0) and (20, 0) on Mohr diagram (Fig. E8.5-2).

) ZA’
10 ; Vi ;
. D ?0,, X‘\—D
0 /| )

-10

0 10 20 30 40 50
9y

Fig. E8.5-2

. Draw Mohr circle.

w

. Intersection of 4’4" with Mohr circle gives Op.
. Draw line D' D’ parallel to plane DD.

. Intersection X gives desired stresses

Answer. Fee Fig. E8.5-3,

N W B

o = 35 psi
on DD

7 = 8.7 psi

87

N

Fig. E8.5-3

. Draw line 4’4" through (20, 0) parallel to plane upon which stress (20, 0) acts.

109
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Example 8.6
Given. Figure E8.6-1.

B

40 psi
30°
/\ 10 psi
\/10 psi.
-~ / \ 20 psi
: A\
B

Fig. E8.6-1

Find.  Magnitude and direction of the principal stresses.
Solution. Use Fig. E8.6-2.

10 €
~N
/)\\ ~

NERENEREY
, /I\B'

Fig. E8.6-2

Locate points (40, —10) and (20, 10).

Erect diameter and draw Mobhr circle.

Draw B'B’ through (40,—10) parallel to BB.

Intersection of BB’ with circle gives Op.

Read o, and o, from graph.

Line through Op and o, gives planc on which o, acts, etc. (see Fig. E8.6-3).

A e

oy = 44.1 psi

\ 52°

(-

Fig. E8.6-3

Solution by Equations.
1. First make use of fact that sum of normal stresses is a constant:

o, +a3 Zo, 40 +20 30 osi
2 2 T 2 TOM
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2. Use relation

— 0. a; + 2 o
(5% -l T o

with either pair of given stresses

2

+ o, g, — O. .
3. al=(012 3>+(12 3) = 44.14 psi

oy + 03\  (0p — 03} .
03—‘( 5 ),-( 5 )—15.86p51

4, Use stress pair in which o, is largest; i.e. (40, —10)

210 —20

‘! sin 20 = p— =338 = —0.707
20 = —45°
0 = —223°
5. Angle from horizontal to major principal stress direction = 30° — 0 = 52}°. <

» Example 8.7

Given. A load of 5000 psf uniformly distributed over a circular area with a radius of
100 ft. ,

Find. At 100-ft depth under the edge of the loaded area, find the horizontal stress incre-
ment and the directions of the major and minor principal stress increments.

Solution. Figures 8.4 and 8.5 can be used to find Ao, Ao, and Ao,. These are plotted
and the Mohr circle is constructed. The origin of planes is located by drawing a horizontal
line through the point representing the vertical stress, and the problem is then completed.

St v
resses on
Y 1000 = yertica planKe"/
. .
. Acp =710 \
500 £
73
T o
é Ao . / Acgy
4 /
A
=500 & / N Direction
Direction Nof Agy
of Agy 0 / Stresses on
1000 P - horizontal
- plane (Ac,)’]

1
500 1000 1500 2000
Adgy, psf

Fig. E8.7

szeslio;szr student. In order to construct the diagram, it was necessary to assume that
the shear stress was negative on the horizontal plane. One way to test this assumption is to
ask whether the directions of the principal stress increments are reasonable. Are they? «

111
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> Example 8.8
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On a p-g diagram, represent the states of stress given in Examples 8.4 to 8.6.

Solution. See Fig. E8.8. <
20
2 486
g 85
ey
s
+ 0
5
§‘
e
e =
I -
[~
-20
0 10 20 30 40 '
v+ + 03, .
p=("37)=("7") s

Fig. E8.8

8.6 STRESS PATHS

We shall often wish to depict the successive states of
stress that exist in a specimen as the specimen is loaded.
One way to do this is to draw a series of Mohr circles.
For example, Fig. 8.10a shows successive states as o, is
increased with oy constant. However, a diagram with
many circles can become quite confusing, especially if
the results of several tests are plotted on the same dia-
gram. A more satisfactory arrangement is to plot a
series of stress points, and to connect these points with a
line or curve (Fig. 8.106). Such a line or curve is called a
stress path. Just as a Mohr circle or a stress point repre-
sents a state of stress, a stress path gives a continuous

Tg

representation of successive states of stress.® Figure 8.11
shows a variety of stress paths that will be of interest to
us in following chapters.

Figure 8.11a shows stress paths starting from a condi-
tion where ¢, = ¢,. This is a common initial condition
in many types of laboratory tests. From this initial
condition, we commonly either change o, and o, by’the
same amount (Ao, = Ag,), or else change one of the
principal stresses while holding the other principal stress
constant (Ao, positive while Ao, = 0, or Ag, negative
while Ag, = 0). Of course many other stress paths are

¢
% The terms stress trajectory and vector curve are also used to
denote curves depicting successive states of stress, but the definitions
of these other curves are somewhat different.

Stress path

(a)

(0)

Fig. 8.10 Rcpresentation of successive states of stress as o; increases with gy

constant.

Points A, B, etc., represent the same stress conditions in both
diagrams. (a) Mohr circles. (b) p-q diagram.




q4
q a
Aoy, =0 'A(rv.> 0
Aﬂh<0 Aop=0
E o)
{(b) P
q A
Ko
Loadings with
gploy =K
K<1
K=1 D
K>1

Fig. 8.11 Examples of stress paths. (a) o, = o, initially.
(b) o, > o, > Oinitially. (c) o, = 0, = 0 initially.

» Example 8.9

Given.
Find. Stress paths for points A to H.
Solution.
table and in Fig. E8.9-2.
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possible; we may increase both Ao, and Agy in such a
way that Aoy = Ao, /4.

A more common initial condition is to have ¢, and o,
both greater than zero, but ¢, # ¢,. Part (b) of Fig. 8.11
depicts several stress paths starting from such an initial
condition,

We are also interested in loadings that start from
o, = 03 = 0 and during which o, and o4 increase in
constant ratio (Fig. 8.11c). For this type of loading

[y

1-K
14+ K

g (8.10)
p

where K is the coefficient of lateral stress as defined in
Section 8.2. The stress path K=1 corresponds to isotropic
compression without shear stresses. The stress path K
indicates the way in which the stresses within a normally
consolidated soil increase during the sedimentation
process. The slope of the stress path K is denoted as £;
i.e., for a K, loading,

9~ tanp (8.11)
p
Combining Eqs. 8.10 and 8.11, we find
1 —tan §
= .1
" 1 4+tanf (8.12)

A stress path need not be a straight line. For example,
we might specify that the stresses are applied in such a
way that Ao, = }(Ag,)®. A stress path might well con-
sist of a series of straight lines joined together. Two
different loadings might follow just the same curve in
p-q space, but one of these loadings might involve
increasing stresses and the other decreasing stresses. To
avoid any ambiguity, each stress path should carry an
arrowhead to indicate the sense of the loading.

Example 8.9 shows stress paths for several points on

Loading and soil conditions as shown in Fig. E8.9-1.

Use Figs. 8.4 and 8.5 to find stresses. Stress paths are given in the following

Initial Increment Final
Point oy oy, P q Ag, Ag, a, o, P q
A 3.22 1.29 226 097 534 283 8.56 4.12 6.34 2,22
B 6.45 2.58 451 193 460 132 11.05 3.90 7.48 3.58
C 9.68 3.87 6.76 290 362 059 13.30 4.46 8.88 4.42
D 12.90 5.16 9.02 387 275 027 1565 5.43 10.54 5.11
E 19.37 7.74 13.53 580 1.62 0.07 20.99 7.81 14.40 6.59
F 25.80 10.32 18.04 774 1.02 0.02 26.82 10.34 18.58 8.24
G 32.25 12.90 22.55 967 0.69 0 32.94 1290 2292 10.02
H 38.70 15.48 27.06 11.61 0.50 0 39.20 15.48 27.34 11.86
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Diameter = 153% ft
Height = 129% ft
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the center line below a circular loaded area. The useful-
ness of the stress path for depicting the stress changes is
evident in this example.

8.7 SUMMARY OF MAIN POINTS

1. The traditional concept of stress can be applied to
a particulate system, provided that the stress changes
only very slightly over distances which are of the
order of magnitude of the largest particle.

2. The Mobhr circle representation for the state of stress
at'a point is extremely useful in soil mechanics.

3. The p-q diagram is also a pseful means for repre-
senting the state of stress at a point, and the stress
path is a useful way to represent a change of stress.

4. When the surface of a soil deposit is level and the
unit weight is constant with depth, the vertical and
horizontal geostatic stresses increase linearly with
depth.

5. Elastic theory provides a convenient means for
estimating the stresses induced within a soil mass by
applied loads.

Since soil is not elastic, and for other reasons cited in
this chapter, the engineer should use the stress distribu-
tion charts herein with judgment and caution. Many
cases in which calculated and 1ield measured stresses are
compared are needed in order for the accuracy of calcu-
lated stresses to be assessed.

PROBLEMS

8.1 "Asoil has/a unit weight of 110 pcf and a lateral stress

coefficient at rest of 0.45. Assuming that the stress condition

is geostatic, draw a plot showing the vertical and horizontal
stresses from ground surface to 50-ft depth.
8.2 A soil has the following profile:

0-10 ft ¥ = 110 pef
10-25 ft ye = 95pcf

25-50ft v, = 113 pef

Assuming that the stress condition is geostatic, what is the
vertical stress at 40-ft depth?
8.3 The relationship between vertical stress and unit
weight is:
y: = 80 + 0.0030,

where y, is expressed in pcf and o, is expressed in psf. What
is the vertical stress at a depth of 100 ft in a deposit of this
soil, assuming that the stress condition is geostatic?

8.4 Consider the results shown in Example 8.4. Take
horizontal and vertical components of the stresses on the
inclined face and (considering the relative area of the three
faces) show that the free body really is in equilibrium.

8.5 Consider Example 8.5.

a. Rework the problem, but in step 3 construct a line
parallel to the plane on which o acts. Show that you get the
same Op. )
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b. Compute the stresses on the horizontal plane using
Eqgs. 8.6 and 8.7 (see Fig. 8.9).

8.6 Consider Example 8.6.

a. Rework the problem, but in step 3 construct a line
parallel to AA4.

b. Find the stresses on a horizontal plane, and show the
stresses acting upon the free body.

Fig. P8.6

8.7 Given the following stresses, find the magnitude and

_orientation of the principal stresses.

30° 10 10 50 psi
2N / X

\/\

Fig. P8.7

8.8 Draw stress paths for the following loading conditions
on a p-g diagram.

a. Initial condition 0, = 0,
while o, increases to 60 psi.

i

20 psi. o), remains constant

b. Initial condition a, = a, = 20 psi. o, remains constant
while g, increases to 60 psi.
c. Initial condition g, = o, = 20 psi. o, remains constant

while o, decreases to 10 psi.

d. Initial condition o, = o, = 20 psi. o, and 0, both
increase with Ag, = Ao, /3.

e. Initial condition o, = 20 psi, 6, = 10 psi. o, remains
constant while o;, decreases to 7 psi.

/- Initial condition o, = 20 psi, o,
constant while ¢, increases to 60 psi.

i

10 psi. o, remains

8.9 The surface of an elastic body is loaded by a uniform
load of 1000 psf over an area 20 ft by 40 ft. Find:

a. The vertical stress at a depth of 10 ft below a corner of
the loaded area.

b. The vertical stress at a depth of 20 ft below the center of
the loaded area.

8.10 A uniform load of 2000 psf is applied over a circular
area 15 ft in diameter on the surface of an elastic body. The
elastic body has y» = 110pcf and K, = 0.45. Find the
following stresses at the center line at a depth of 10 ft, both
before and after loading.

a. The vertical stress.

b. The horizontal stress.

c. The maximum shear stress.

Plot the stress path for the loading.




| CHAPTER 9

Tests to Measure Stress-Strain Properties

If soil were isotropic and linearly elastic it would be
possible to determine the elastic constants £ (Young's
modulus) and u (Poisson’s ratio) from a single simple
test! and then to use these constants to compute the
relationship between stress and strain for other types of
tests. With soils such a simple approach is generally not
possible. Hence several different tests have come into

common use, each designed to study stress-strain -

behavior during a specific type of loading. Figure 9.1
depicts four of the most common tests used to study the
stress-strain behavior of soil. The apparatus required for
triaxial compression tests also permits isotropic com-
pression tests; indeed, isotropic compression is the first
stage of a triaxial test.

This chapter describes the key features of the apparatus
and procedures of these tests. Very careful testing tech-
nique, with painstaking attention to detail, is necessary
to obtain good test results. Lambe (1951) describes the
necessary apparatus and techniques in more detail.
Bishop and Henkel (1962) give a good treatment of the
triaxial test.

9.1 OEDOMETER TEST

In the oedometer test, stress is applied to the soil
specimen along the vertical axis, while strain in the
horizontal directions is prevented. Thus the axial strain
is exactly equal to the volumetric strain. Figure 9.2
shows cross-sectional views through two common types
of oedometers. Other names for this test are the one-
dimensional compression test, the confined compression
test, and the consolidation test. The last name is applied
because this form of test was first used extensively to
study the consolidation phenomenon (see Chapters 2
and 27).

In this test the ratio of the lateral stress to the vertical
stress is K, the coefficient of lateral siress at rest (sec

! This procedure is discussed in Chapter 12.
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Section 8.2). The stress path for this test is shown in
Fig. 9.1, and previously has been given in Fig. 8.1lc.
Shear stresses and shear strains as well as compressive
stresses and volume changes occur in this test, but since
the soil is prevented from failing in shear, compression is
the dominant source of strain. The test is popular
because it is relatively simple to perform and because the
strain condition is approximately similar to one fre-
quently encountered in actual problems.

_ "The major experimental difficulty with the oedometer
test is side friction: shear forces develop along the
cylindrical surface of the specimen as vertical strains
occur. The presence of sidc “friction disturbs the one-
dimensional state of strain and prevents some of the
axial force from reaching the bottom portions of the
specimen. To minimize the effect of these side friction
forces the thickness-diameter ratio of the specimen is
kept as small as practicable, usually 1:3 to 1:4. ' Use of
the floating ring container (Fig. 9.26) also helps to
minimize the effects of side friction. Many attempts have
been made to minimize side friction through use of
lubricants and plastic liners, and these techniques have
proved to be of some value. Apparatus compressibility
may also be a difficulty when testing the relatively incom-
pressible soils, and special devices are then necessary
(Whitman, Miller, and Moore, 1964).

In the common form of oedometer the lateral stress
developed during the test is not measured. Figure 9.3
shows a special oedometer that permits the measurement
of the lateral stress. Strain gages mounted on the metal
ring sense any lateral straifing of this ring, and the
lateral pressure is then adjusted to give zero lateral strain.
By a similar arrangement it is possible to carry out a one-
dimensional compression test using a triaxial form of
apparatus; i.e., a narrow ring placed around the mem-
brane senses lateral strain and the chamber pressure is
adjusted to make this strain zero. The problem of side
friction is thereby eliminated.
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Test Isotropic cc?rﬁg?elifon Triaxial Direct
compression (cedometer) compression shear
Jc
Basic [
conditions constant
R as Adg
No horizontal applied
movement N constant as T applied
Primarily volumetric Distortion Primanly distortion,
Volumetric but some and but some
¢ distortion volumetric volumetric
Type of - -
deformation [ |
1 l
| |
. 1 1
| |
[ l
L J
q q q q
Stress
path Ko-line
; Ki-line 8 R / . Ko
! p | p p p
v imole: Most common test )
U For study of purely ery simpie, for studying stress- Simple test for
ses volumetric strains approximates certain strain and strength measuring strength
field conditions properties

Fig. 9.1

9.2 TRIAXIAL TEST

Figure 9.4 shows the basic idea of the triaxial test, the
most common and versatile test used to determine the
stress-strain properties of soil. A cylindrical specimen
of soil is first subjected to a confining pressure o, which
equally stresses all surfaces of the specimen. Then the
axial stress is increased Ac, until the specimen fails.
Since there are no shearing stresses on the sides of the
cylindrical specimen, the axial stress o, + Ao, and the
confining stress ¢, are the major and minor principal
stresses, o, and oy, respectively. The increment of axial
stress, Ag, = o, — a,, is the deviator stress.

The triaxial test is simply a special version of the
cylindrical compression test that is used to determine the
mechanical properties of many materials, such as con-
crete. Usually there is no confining pressure during a
test on concrete, although a confining pressure may be

Common types of stress-strain tests.

employed in some very special tests. However, a con-
fining pressure is usually essential when testing soil. The
reader will already be well aware that a specimen of dry
sand will not stand without confinement. In following
chapters we shall see that the confining pressure has an
important influence on the stress-strain behavior of soil.

Size of Specimen

The soil cylinder is commonly about 1.5 in. in diameter
and from J to 4 in. in length. Specimens about 3 in. in
diameter and from 6 to 8 in. long are also encountered
frequently. Much larger specimens are used in the
testing of soils containing gravel.

Confining Pressure

The pressure vessel is usually composed of a trans-
parent plastic cylinder with metal end pieces. Typical
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Cover
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o

s4d s 2«s Porous stone <2
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)
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| «—Ring

Soil specimen
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« Porous stone ».5ese

Base

(b)

Fig. 9.2 Common forms of oedometers. (a) Fixed-ring
container. () Floating-ring container. (From Lambe, 1951.)

arrangements are shown in Fig. 9.5. Either gas or liquid
under pressure is used to apply the confining pressure,
although the use of a liquid (usually de-aired water) is
preferable. For confining pressures greater than 100 to
150 psi, metal reinforcing bands must be placed around
the lucite, or the lucite replaced by a metal cylinder.

The soil is encased by a flexible membrane or jacket
and two end caps. Thus the confining fluid does not
penetrate into the pore spaces.

Axial Loading

In the common form of triaxial test (herein termed
standard triaxial test) the soil is failed by increasing the
axial stress while holding the confining stress constant.
Thus the stress path during the loading is that shown in
Fig. 8.10. Axial force is applied to the loading piston
either by means of dead weights (controlled stress test)
or by a geared or hydraulic loading press (controlled
strain test). When testing dry soils the rate of loading is
limited solely by the time required to observe and record
the data. Usually 5-30 min. elapse from the time that
additional axial force is first applied until the peak
resistance is reached.

Control of Pressure in Pore Spaces

If a dry soil specimen is completely sealed, and if the
volume of the soil changes during loading, there must be
some change in the volume and pressure of the air
occupying the pores of the soil. A drainage system,
consisting of a porous stone plus a passage to the outside
of the pressure vessel, is usually provided so that air can
move into or out of the soil and thereby prevent the
pressure change. The drainage provision will prove to

%L:ﬁ;?c N D - Dial to measure
iack \ esting vertical strain
] head
Sand //

/ ,7— O-rings
AT AN \\ N N

AN

Strain gages

Fig. 9.3 Special oedometer permitting measurement of
lateral stress (From Hendron, 1963).

be of great importance during tests on soils containing
water, as will be discussed in Parts IV and V.

The drainage feature can also be used to accomplish a
special form of triaxial test: the vacuum triaxial test. 1f
air is evacuated from the pores of the soil, a confining
pressure is caused by the difference between the atmos-
pheric pressure acting against the outside of the specimen
and the reduced pressure in the pores of the specimen.
A pressure vessel is not needed for this form of test, but
of course the confining pressure cannot be made greater
than 1 atm.

Measurement of Volume Changes

It is not easy to make accurate measurements of the
changes in the volume of a dry soil, either as the confining

) leiaI load
Plunger
Confining
pressure
l 1. Sample enclosed
by membrane cap
N ~—— and pedestal
> P 2. Sealed sample
placed within
pressure vessel,
- -— and confining
Flexible pressure applied
membrane —w - )
73 g 3. Drainage from
> B ® -~ sample controlled
/;‘5. i by valve
—_— >~ -~
O wn
/ 4. Axial load applied
by plunger
— protruding into
Porous / / pressure vessel
stone = until failure occurs

Drainage line

Fig. 9.4 Essential features of a triaxial cell.
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Fig. 9.5 Cross section of a typical triaxial cell. (From Bishop and Henkel, 1962.)

pressure or the additional axial stress is applied. When
a soil is saturated with water, its change in volume during
a triaxial test can be determined by measuring the volume
of water that flows into or out of the specimen. Fortun-
ately, as we shall see in Part IV, the stress-strain behavior
of dry and saturated granular soil is similar, provided
that the pore fluid can flow freely into or out of the pores.
Some of the test results presented in Chapters 9 to 12
were dctually obtained using saturated specimens.

Even with saturated specimens it is difficult to make
very accurate measurements of volume changes occurring
within coarse soils. This is one of the reasons why the
oedometer test is often used to study volumetric strains.

Deformed Shapes of Specimens

Figure 9.6 shows typical shapes of specimens tested in
triaxial compression. Distortions such as these give rise
to difficulties in the interpretation of test results. The
change in the cross-sectional area of a specimen is usually
so large that it must be taken into account when com-
puting axial stress from the measured axial force. Dis-
tortion of the cylindrical shape, which arises primarily
because of the restraints imposed by the rigid end caps,
makes it difficult to determine the change in area and
otherwise introduces errors and uncertainties into
measured stress-strain data. Several schemes have been
developed which freely permit lateral motions between

N

the soil and the end caps, and thus help to minimize
distortions (Rowe and Barden, 1964).

9.3 THE DIRECT SHEAR TEST

The oldest form of shear test upon soil is the direct
shear test, first used by Coulomb in 1776. The essential
elements of the direct shear apparatus are shown by the
schematic diagram in Fig. 9.1. The soil is held in a box
that is split across its middle. A confining force is applied,
and then a shear force is applied so as to cause relative
displacement between the two parts of the box. The
magnitude of the shear forces is recorded as a function of
the shear displacement, and usually the change in thick-
ness of thisoil specimen is also recorded.

Fig. 9.6 Typical distorted shapes for triaxial specimens tested
between rigid end caps.
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Top block and yoke free P Top and bottom blocks fitted with -
to move up or down to teeth for gripping sample. Solid ¢
allow for volume changes spacer blocks between teeth used

Top block in undrained tests, porous stone
p bl \ blocks in drained tests
7
7

Yoke

Shear plane\

Bottom block
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Fig. 9.7 Cross section through direct shear box (B. K. Hough—2Busic
Soils Engineering. Copyright © 1957 The Ronald Press Co. N.Y.).

The shear box may be either square or circular in plan the direct shear test is similar to that of the triaxial
view. Typically the box will be 3-4 in.? and about 1 in. test. ‘
in height. The normal load is applied either by a loading Figure 9.7 shows a cross section through a typical
press or by means of dead weights. In most devices the direct shear box. The porous stones shown in this figure
normal stress will range from 0 to about 150 psi. The are not necessary for tests on dry soils, but are essential
shear force is applied either by dead weights (stress for tests on moist or saturated soils, as will be discussed
controlled test) or by a motor acting through gears (strain in Part 1V. Specific procedures for conducting a direct
controlled test). When testing dry soils the duration of shear test are presented in Lambe (1951).
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Fig. 9.8 Stress paths for triaxial tests.




Figure 9.1 indicates the stress path for a direct shear
test. First there is a K, loading as the vertical force is
applied. Then application of the shear force causes an
increase in ¢ and also an increase in p. The stress
path cannot be drawn exactly for such a test; since only
the stresses on a horizontal plane are known, the entire

_state of stress is unknown. A recent, improved version
of the direct shear test is described by Bjerrum and
Landva (1966).

9.4 OTHER TESTS

Numerous devices have beenicreated to permit special
types of tests. There are devices to study stress-strain
ehavior during dynamic loadings. There are also
devices to study stress-strain behavior in plane strain
(Bishop, 1966) and in simple shear (Roscoe, 1961).

Any loading condition not involving a rotation of the
principal stress directions can be simulated in a triaxial
cell. Examples of typical test conditions, together with
the nomenclature used, are given in Fig. 9.8. The com-
pression unloading test is accomplished by reducing the
chamber pressure while adding force to the loading piston
in order to keep the axial stress constant. To accomplish
the extension tests it is necessary to pull upward on the
loading piston. It also is possible to run a test so that the
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sum o, + o3 = 0, + 0, remains constant, ic., the
stress path marked D in Fig. 8.11a.

9.5 SUMMARY OF MAIN POINTS

1. Because soil 1s such a complex material, no one test
suffices for the study of all important aspects of
stress-strain behavior.

2. The oedometer test is the easiest test for studying
volumetric stress-strain relationships, while the
direct shear test is the easiest and oldest test for
studying shear strength.

3. The triaxial test provides the best and most versatile
method for studying stress-strain properties. A
great variety of actual loading conditions can be
obtained with this test.

PROBLEMS

9.1 Problem 8.8 describes several types of loading con-
ditions which can be applied in a triaxial cell. Using the
nomenclature given in Fig. 9.8, describe each condition a to [
as vertical compression loading, etc.

9.2 An oedometer test is run starting from zero stress.
When o, = 100 psi it is observed that ¢, = 45 psi. Draw the
stress path for this test, assuming that the ratio o¢,/0, is
constant throughout. What are K, and # for this soil ?




CHAPTER 10

[

General Aspects of Stress-Strain Behavior

This chapter begins our study of the stress-strain
properties of soils by illustrating and explaining the
deformation of dry granular soils. Because of
the particulate nature of the mineral skeleton of soil, the
stress-strain behavior of soil is exceedingly complex. In
this chapter we shall rely on diagrams to aid us in
describing this behavior. Subsequent chapte.s will pre-
sent simple, approximate mathematical expressions for
specific, limited situations.

Chapter 8 presented the concept of stress for a par-
ticulate system. The application to soil of the concept of
strain may be understood with the aid of Fig. 10.1. The
two particles shown in this figure are separated by a
distance L, which is large compared to their size. If these
particles move toward each other by an amount AL, then
the unit compressive strain ¢, is defined as AL/L.

Like stress, strain is a tensor quantity, and we must be
careful to define strain. In this book we shall be con-
cerned with:

the unit compressive strain along some
specified axis
the unit shear strain referenced to two

‘}’2‘.1[:
specified axes
AVIV: the unit volumetric strain

Positive compressive strain is shortening;
volumetric strain is a volume decrease.

positive

10.1 MECHANISMS OF STRAIN

The strains experienced by an element of soil are
the result of strains within and relative motions among the
many particles composing the element. At each of the
contacts between particles, the local strains may be very
large, much larger than the overall strain as defined
previously. In order to understand the overall stress-
strain behavior of the element, it is necessary to appreciate
just what goes on inside the element. Chapter 2 discussed
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the mechanisms that contribute to the deformation of
soil. Fundamentally there are two mechanisms in gran-
ular soils: distortion (and crushing) of individual parti-
cles, and relative motion between particles as the result of
sliding or rolling. However, these two mechanisms are
seldom independent of one another. For example, the
array of particles shown in Fig. 10.2 would be stable under
the applied forces if the particles were rigid and did not
slide relative to each other. Since actual particles are not
rigid, deformation of the particles will cause slight move-
ments of the array, leading to collapse of the potentially
unstable array. While relative motion between particles
causes the large strains often encountered in soil, these
motions generally would not be possible if it were not for
distortions of particles.

Several simplified models have been proposed to
explain the interactions among particles. The theory for
two elastic spheres in contact has been used to analyze
and predict the strains that would result from elastic
distortion of particles. This theory is described in detail
by Deresiewicz (1958). Scott (1963), Rowe (1962), and
others have developed theories which consider sliding
and rolling motions within regular packings of rigid
spheres, and this theory has been used to study the
strength behavior of granular soils. Still other theories
have simultaneously considered sliding within regular
packings of deformable spheres (see Hendron, 1963, and
Miller, 1963).

The motions within an actual soil are far too complex
to be analyzed by any simple model. At any instant
during the deformation process, different mechanisms

sl
&=

r——L'—AL—»‘
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Fig. 10.1 Definition of strain in a particulate system.




Fig. 10.2 Collapse of an unitable array of particles.

may be acting in different parts of an element of soil. At
any one spot within the element, the relative importance
of the different mechanisms may change as the deforma-
tion process continues. Nonetheless, the simple models
serve a very useful role by providing a basis for inter-
preting experimental results for actual soils. Some of the
more important results obtained from these simple
models will be noted in the following sections.

¥

10.2 VOLUMETRIC STRAINS DURING
ISOTROPIC COMPRESSION

Large volumetric strains can occur during isotropic
compression as the result of the collapse of arrays of
particles as sketched in Fig. 10.2. Each such collapse
causes rolling and sliding between particles, and as a
result tangential forces occur at the contact points
between particles. However, such tangential forces
average out to zero over a surface passed through many
contact points. Thus the shear stress on any plane is
zero even though large shear forces exist at individual
contacts.

The volumetric stress-strain relationships of soils are
very similar during both isotropic and confined com-
pression. As observed in Chapter 9, it is easier to per-
form an oedometer test than an isotropic compression
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test. Moreover, confined compression is a common
situation in nature; it occurs during formation of a soil
by sedimentation and when vertical loads of large lateral
extent are applied to soil strata. On the other hand, pure
isotropic compression seldom is encountered in nature.
For these reasons, isotropic compression will not be
considered in detail. Qualitatively, the stress-strain rela-
tions presented in Section 10.3 for confined compression
apply to isotropic compression as well. Quantitatively,
the relationships are somewhat different. For a given
change in o,, the change in the sum of the principal
stresses (o, + 0, + 03) is greater during isotropic com-
pression. Hence a given change in o, will cause a greater
volumetric strain during isotropic compression.

10.3 STRESS-STRAIN BEHAVIOR DURING
CONFINED COMPRESSION

Figure 10.3 shows the stress-strain behavior of a me-
dium to coarse uniform quartz sand during confined com-
pression. Initially the sand was in a dense state. The
strain is the vertical strain, equal to the volumetric strain,
based on the original thickness of the specimen. The
stress is the vertical stress. The data are composite
results from several oedometer tests, using conventional
equipment for the lower range of stresses and special
equipment for the larger stresses. Note that the stress-
strain curves are plotted with positive (i.e., compressive)
strains downward. This is common practice in soil
mechanics. since compressive strains are associated with
settlement (i.e., downward movement).

Figure 10.3¢ suggests that the stress-strain behavior of
sand should be considered in three stages.

1. For stresses up to about 2000 psi, the stress-strain
curves are concave upward. Thus the sand gets
stiffer and stiffer as the level of stress increases.
This form of stress-strain behavior, called locking,
is very characteristic of particulate systems. The
strains result primarily from the type of action
shown in Fig. 10.2. As the stress is increased, first
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Fig. 10.3 Stress-strain curves for confined compression. Ottawa sand, initial porosity = 0.375.
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Fig. 10.4 Results of high stress, one-dimensional compression tests on several sands (data from

Roberts, 1964).

loose arrays within the soil will collapse, and then

.the denser arrays will. Each such movement results

in a more tightly packed, hence stiffer, arrangement
of particles. Finally, a stage is reached in which
already dense arrays are being squeezed more
tightly together as contact points crush, thus
allowing a little more sliding.

Starting at about 2000 psi, the stress-strain curve
begins to develop a reverse curvature and becomes
concave to the strain axis. This yielding is the result
of fracturing of individual sand particles, which
permits large relative motions between particles.
Distinct popping sounds can be heard at this stage
of loading. Microscopic examination and grain
size analyses before and after testing show that
considerable particle degradation actually occurs
(see Figs. 4.2h and 4.2/).

. Fracturing the particles permits still tighter packing

of the new and remaining particles. Since the
number of particles has now increased, the average
force per contact has actually decreased. Thus the
sand once again becomes stiffer and stiffer as the
stress increases still further.

These same general processes take place during the com-
pression of all granular soils, although seldom in such
distinct stages. Figure 10.4 shows results for several
typical natural sands. Sliding between particles is usually
present at all stress levels. Crushing and fracturing of
particles actually begins in a minor way at very small
stresses, but becomes increasingly important when some
critical stress is reached. This critical stress is smallest
when the particle size is large, the soil 1s loose, the
particles are angular, the strength of the individual
mineral particles is low, and the soil has a uniform
gradation.

In most engineering problems the stress levels are
usually small enough so that particle crushing is rela-
tively unimportant. For these problems, stress-strain
curves for confined compression typically are of the
locking type, as shown in Figs. 10.3a and 10.35. Usually
fracturing only becomes important when the stresses
exceed 500 psi. Stresses greater than this magnitude are
encountered in very high earth dams, and also in prob-
lems involving the subsidence of large areas as the result
of pumping oil or water from deep strata. In the case of
uniform rockfills with very large particle sizes, fracturing




may be very important for stresses as small as 100 psi.
The fracturing of particles has been studied by Roberts
(1964), Hendron (1963), Marsal (1963), and Lee and
Farhoomand (1967).

Behavior During Unloading and Reloading

As shown in Fig. 10.5, only a portion of the strain that
occurs during loading is recovered during subsequent
unloading. The strains that result from sliding between
particles or from fracturing of particles are largely
irreversible. The rebound upon unloading is caused by
the elastic energy stored within individual particles as
the soil was loaded. However, there actually is some
reverse sliding between particles during unloading.

Figure 10.5 also illustrates the behavior during reload-
ing of a sand which has been loaded and then unloaded.
For stresses smaller than the maximum stress of the first
loading, the sand is much stiffer during the retoading than
during the first loading, since much of the potential
sliding between particles has already occurred during the
first loading. When the sand is reloaded to stresses
greater than the maximum stress of the first loading, the
stress-strain curve is essentially the same as if there never
had been any unloading.

Figure 10.6 illustrates the effect of cycling the stress
between two fixed limits. During the first 10 to 50 cycles,
a small amount of permanent strain results from each
cycle. Finally, a stable hysteresis loop is obtained,
involving little or no additional permanent strain for a
cycle of loading (Fig. 10.7a).
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Fig. 10.6 © Stress-strain curves during several cycles of loading
in oedometer test (From Seaman et al., 1963).

The sequence of events during cyclic loading can be
explained by using results from a theoretical study of an
ideal packing of elastic spheres (Miller, 1963). It is
possible to get one-dimensional straining of such an
array, as indicated in Fig. 10.7c. The normal forces at
the contacts compress the spheres, but sliding occurs so
that the resultant relative motion-is purely vertical. Upon
unloading, the particles regain their original shape and
sliding occurs in the reverse direction. Some small
amount of energy is absorbed during each loading cycle.
The same general pattern of events must occur in actual
soils.

For most engincering problems, time effects during the
compression of sands are of no practical importance.
Figure 10.8 shows the typical behavior. All but the final
few percent of compression' takes place within the first
few minutes.

For compression at stresses large enough to cause
significant fracturing of particles, however, there is a
significant time lag, as illustrated by the typical com-
pression versus time curve shown in Fig. 10.9. For most
soils, this occurs only for very large stresses. However,
for soils consisting of weak particles or of weakly
cemented particles, significant time effects may occur at
ordinary stresses.
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Fig. 10.7 Bebavior during cyclic confined compression. (a) Hysteresis loop during cyclic confined compression.
(b) Stress path. (c) Increase of vertical strain. The particles deform at the contact points, and move downward
with no lateral displacement of their centus. Geometric compatibility requires sliding, and hence frictional forces,
in the sense shown. For these conditions, P, > £,. (d)Decrease of vertical strain. During unloading, the elastic
cnergy stored in the particles caused upward movement of A relative to B. Reverse sliding must develop to
maintain the condition of zero lateral displacement. Hence P, < P,.

Whitman (1963) has discussed the importance of time
effects during loadings of very short duration.

Small Increments of Stress Superimposed on an Initial
Stress

The stress-strain behavior is shown in Fig. 10.10.
Sliding between particles does not begin until the stress
increment exceeds some critical level. For smaller incre-
ments, strains result only from elastic deformations of
individual particles (Whitman, Miller, and Moore, 1964).

The stress required to initiate interparticle sliding
increases with increasing initial stress and decreasing
void ratio. This critical stress is increased when the soil
has been heavily prestressed by previous loadings, and is

larger for rapid loadings than for slow loadings. For
most engineering problems this critical stress is probably
less than 1 psi and hence is of no practical concern.
However, this initial range of stress-strain behavior is
important to the study of wave propagation velocities.

Lateral Stresses during Confined Compression

During confined compression, particle motions are,
on the average, in one direction only. Thus when the
tangential contact forces are summed over the many
contacts lying on some surface, there should be a net
tangential force; i.e., a net shear stress on the surface.
Hence, in general, the horizontal stress will differ from
the vertical stress during confined compression. The




ratio of horizontal to vertical stress is, by definition, K,
the lateral stress ratio at rest.

When a granular soil is loaded for the first time, the
frictional forces at the contacts act in such a direction
that o, is less than o,; i.e., Ky < 1. The magnitude of
K, must depend on the amount of frictional resistance
mobilized at contact points between particles. Figure

10.11 shows data giving values of K, as a function of the
friction angle ¢.2 For a few soils, such as the Sangamon
River sand, the value of X, can be predicted by a theoret-
ical eqhation based upon the study of an idealized packing
of elastic spheres. However, experimental values of K,
are best represented by an expression suggested by Jaky
(1944): '

K,=1—sin¢ (10.1)

Combining Eq. 10.1 with Eq. 8.12, which defines the
slope B of the K stress path, leads to

tan f = —o0 ¢ (10.2)
2 —sin ¢
and
. 2 tan f
s = 10.3
in ¢ 14 tan g (10.3)

As indicated in Fig. 10.7d, the direction of the frictional

forces at contact points between particles begins to .

reversé during unloading. For a given vertical stress, the
horizontal stress will be larger during unloading than
during the original loading. During the later stages of
unloading, the horizontal stress may even exceed the
vertical stress. This pattern is shown by the experimental
data given in Fig. 10.12. During reloading of a soil, the

1 ¢ will be defined in Chapter 11; it is the peak friction angle.
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Fig. 10.8 Time curve for a typical load increment on sand
(From Taylor, 1948).

lateral stress ratio generally starts out at a value greater
than that given by Eq. 10.1, and then decreases to this
value as the stress increases. During cyclic loading and
unloading, the stress path will be as shown in Fig. 10.7b,
with the lateral stress ratio alternating approximately
between K, and 1/K,,.

10.4 STRESS-STRAIN BEHAVIOR DURING
TRIAXIAL COMPRESSION

Figure 10.13 shows a typical set of data from a triaxial
test upon a sand. The stress path for this test is given
in Fig. 10.14. The specimen was first compressed iso-
tropically to 1 kg/cm® by increasing the chamber pressure.
Then the vertical (axial) stress was increased while the
horizontal stress (chamber pressure) was held constant.
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Fig. 10.9 Typical compression-time curve for high-stress test (From

Roberts, 1964).
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Figure 10.13 plots g, equal to one-half the deviator
stress, versus the vertical (axial) strain. This stress-strain
relation becomes curved at very small strains and achieves
a peak at a strain of about 3%;. The resistance of the soil
then gradually decreases until this test was arbitrarily
stopped at a strain of 11.6 %. If the test had been carried
to larger strains, the stress-strain curve would have
leveled off at a constant value of stress. For further dis-
cussion of this stress-strain behavior, it is useful to define
three stages in the straining process:

1. An initial stage during which strains are very small.
For the test shown in Fig. 10.13 this range extends
to a strain of about } 9.

2. A range which begins when the specimen begins to
yield and which includes the peak of the curve and
the gradual decrease of resistance past the peak.
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Fig. 10.11  Coefficient of lateral stress at rest forinitialloading
versus friction angle (from Hendron, 1963).
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Fig. 10.12 Lateral stress during one-dimensional compres-
sion. Minnesota sand; ¢, =0.62, D, =0.34. (From
Hendron, 1963.)

For the test shown, this range extends from }9%
_ . strain until the end of the test. .
3. A final range during which the resistance is constant
with further strazining. " This range is called the
ultimate condition.

Behavior During Initial Range

During the initial range the volume of the specimen
decreases slightly, as shown in Fig. 10.13. Part (c) of the
figure shows that the specimen is bulging'slightly so that
the horizontal strain is negative, but numerically the
horizontal strain is less than the vertical strain.

This is exactly the pattern of behavior that would te
expected when the compressive stresses are increasing.
In this stage the particles are being pushed into a denser
arrangement. The general behavior is very similar to that
during confined or isotropic compression. Figure 10.15
compares the stress-strain behavior during isotropic,
confined, and triaxial compression upon identical speci-
mens which initially had the same void ratio and carried
the same vertical stress.

Behavior at and near Peak

Within this range the soil fails. The deviator stress at
the peak point of the stress-strain curve is called the
compressive strength of the soil. The value of g at the
peak (i.e., half the compressive strength) is related to
the shear strength of the soil.

The behavior during this stage is quite different from
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Fig. 10.13 Results of triaxial compression test upon a well
graded calcareous sand from Libya.

that during the initial stage, and can be explained by
studying the deformation of a planar array of rigid
spheres. Figure 10.16d shows a unit element from a
densely packed array. When this element is compressed
vertically, strains can result only if the spheres C and D
move laterally. This pattern of motion must be accom-
panied by an increase in the yolume of the array, as can
be seen by comparing the void spaces in parts (@) and ()
of the figure. Figure 10.13b shows that just such a volume
increase occurs during loading of actual soils. It is a
remarkable fact that a dense sand, wherf compressed in

-peak (Rowe, 1962).
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Fig. 10.14 Stress path for standard triaxial test on well
graded sand from Libya.

one direction, actually increases in volume. The fact was
first observed and investigdated by Osbourne Reynolds in
1885. Reynolds applied the name dilatant to this volume
increase effect.

The planar array of spheres can also be used to study
the conditions that exist at the peak of the stress-strain
curve and to explain the decrease in strength past the
However, these aspects of the
behavior can be more readily discussed using the sketches
in Fig. 10.17, which illustrate the concept of interlocking.

Figure 10.17a shows soil particles sliding over a smooth
surface. This is the situation we dealt with in Chapter 6,
and for this situation the shear resistance is given by ¢,
the mineral-to-mineral friction angle. However, the
situation within actual soils is more like that shown in
parts (b) and (c) of the figure: soil particles are in contact
with other soil particles, and planes through the contact
points are inclined to the horizontal. In order to have a

Isotropic
compression Confined

compression

Vertical stress

Triaxial
compression

Vertical strain

Fig. 10.15 Comparison of stress-strain curves for three
types of compression.
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Planes of Y
sliding
Initial /A
condition

(d)

After some
strainir 3.

Horizontal
expansion

Fig. 10.16 Strains within regular array of spheres. (a) Initially dense array. (b) Loosest condition—uniform strains. (o)
Loosest condition—nonuniform strains. (d) Behavior of unit of element.

shear failure between particles, it is therefore not only
necessary to overcome the mineral-to-mineral frictional
resistance, it is, in addition, necessary to make particles
move up and over one another.

Hence the shear resistance of an actual soil mass is
made up of two components: (a) one whose magnitude
is controlled by ¢,; and (b) a second component whose
magnitude is related to the degree of interlocking. The
greater the degree of interlocking, the greater the overall
shear resistance. Thus for a given value of normal force
N, the shear force T necessary to start sliding will be
greatest in the situation shown in Fig. 10.17¢ and
will be least in the situation shown in Fig. 10.17a.

For the situations shown in parts (b) and (c) of Fig.
10.17, the plates must start to move apart just as soon
as shear motion between the plates commences. As shear
motion continues, the degree of interlocking must
decrease, and consequently the shear force necessary to
continue the motion must also decrease. Thus, if we
start with the highly interlocked arrangement of Fig.
10.17¢ and cause shear motion to occur, the arrangement
will tend to become more and more like the arrangement
shown in part (b) of the figure.

If the foregoing concepts regarding dilatancy and
interlocking are correct, the initial void ratio should have
a great effect upon the stress-strain curves during tri-
axial compression. The data in Fig. 10.18 show that this
is true. For the dense specimen, the curve of deviator

stress versus axial strain shows a pronounced peak and
the deviator stress decreases following this peak. On the
other hand, the corresponding curve for the loose speci-
men does not have a peak, and the deviator stress remains
essentially constant with further straining once the com-
pressive strength is reached. Furthermore, the dense

Quartz particles
cemented to

Polished upper plate

quartz
surface

(a)
Quartz particles
cemented to
upper plate

Quartz particles
cemented to
lower plate

() (c)

Fig. 10.17 Example of interlocking. (a) Smooth sliding
surface. (b) Slightly interlocked surfaces. (c) Highly inter-
locked surfaces.




specimen expands in volume to a very marked degree as
the specimen is strained. On the other hand, the loose
specimen first decreases in volume, then expands once
again, and finally ends up at almost the volume at which
it started. ‘
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The following patterns of behavior are just what would
be predicted by the concepts of dilatancy and inter-
locking:

I. The denser the sand, the greater the interlocking,
hence the greater the deviator stress, hence the
greater the friction angle.

2. The denser the sand, the greater the volume increase
which must occur.
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Fig. 10.19 Bechavior during repeated loading in triaxial
compression. [(a) From Rowe, 1962. (b) From Shannon
et al., 1959.]
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Fig. 10.20 Stress paths for various loadings.

3. As the sand expands, the resistance to straining
decreases.
4. This decrease is most marked in the densest speci-
mens.
We shall return to a discussion of these very important
facts in Chapter 11.

Ultimate Condition

In the ultimate condition, the interlocking between
the soil particles has decreased to the point where con-
tinuous shear deformation can continue without further
volumechange. The void ratio at this stageis independent
of the initial void ratio before shearing was commenced.
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Fig. 10.21 Stress paths for nonfailure loadings.
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Effect of Unloading and Reloading

Figure 10.19 shows some typical stress-strain curves
obtained as a result of successive cycles of loading and
unloading. The general features of these curves are
similar to those obtained during one-dimensional

compression.
4

10.5 BEHAVIOR DURING OTHER LOADING
CONDITIONS

The loadings on typical elements of soil in the ground
generally will be neither exactly those for standard tri-
axial nor those for confined compressmn However,
study of behavior during confined and triaxial compres-
sion has revealed the essential features of the stress-strain
relationships in dry granular soils. It usually will be
possible to infer the stress-strain features which will occur
with the actual loading from those presented in Sections
10.3 and 10.4.

For example, Figs. 10.20 and 10.21 give stress paths
for a variety of loading conditions which can be accom-
plished in a triaxial cell. Figures 10.22 and 10.23 give
the resulting stress-strain data. For convenience in
plotting, the values of ¢ have been divided by the vertical
stress o,, at the beginning of the test. A careful study of
these figures, especially of the data regarding volume
changes and horizontal strains, will-be rewarding.

Behavior During Direct Shear Test

The genera! behavior during direct shear tests is
exactly similar to that during triaxial compression tests.
Figure 10.24 shows a typical set of results from a direct
shear test upon a loose sand. Results for a dense sand
would show a peaked stress-strain curve and an increase
in the thickness of the specimen during shear.

In the usual direct shear test, most of the distortion
occurs in a thin zone of unknown thickness. The strain
in this zone, which determines the shear resistance, hence
1s quite different from the displacement between the two
parts of the shear box divided by the thickness of the
specimen. Therefore it is very difficult to get other than
qualitative stress-strain data from the usual direct shear
test.

10.6 }SUMMARY OF MAIN POINTS

This chapter has explained theoretically and illustrated
experimentally both the mechanisms of deformation of
granular soils and certain important characteristics of the
stress-strain behavior. The main cause of strain, except
for very, very small strains, is relative movement (sliding
and rolling) between particles. Deformations of particles
are also important in that they permit the relative move-
ments to occur. Crushing and fracturing of particles is
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Fig. 10.24 Typical results from a direct shear test on a loose
sand.

especially important for stresses greater than 500 psi.
For very small strains only elastic deformation of
particles occurs.

- 1. In both confined compression and triaxial com-
pression the following characteristics of stress-strain
behavior exist:

a. A highly nonlinear stress-strain curve.

b. A hysteresis loop in the stress-strain curve.

c. A net compressive strain developed by a cycle of
loading and unloading.

d. An increased stiffness developed by a cycle of
loading and unloading,.

2. In confined compression the following characteris-
tics exist:

a. The stiffness increases with increasing stress
(except possibly for very small stress changes).

b. K, is approximately constant at 1 — sin ¢ during
initial loading, but increases progressively during
unloading.

3. The characteristics of triaxial compression are:

a. The stiffness decreases with increasing stress until
peak strength is reached.

b. Dense sands tend to increase in volume as they
are compressed, whereas loose sands experience
little volume change.
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c¢. Dense sands lose strength when strained beyond
peak strength, but loose sands do not.

Thus far our discussion of stress-strain behavior has
been primarily qualitative. We have avoided saying how
much strength a soil has or how large its stiffness is. In
the next two chapters we turn to quantitative con-
sideration of stress-strain, first of strength and then of
stiffness. ;

PROBLEMS

10.1 Plot the stress path for the loading and unloading
shown in Fig. 10.12a.

10.2 Using the data in Fig. 10.13 at 49, vertical strain,
show that the value of horizontal strain is consistent with the
volume change. What would the horizontal strain have been
if there were to be zero volume change? (see Eq. 12.5)

10.3 Using the data for loading D in Fig. 10.23, state
whether the soil increased or decreased in volume.




'CHAPTER 11

Shear Strength of Cohesionless Soil

This chapter discusses the various factors that deter-
mine the shear resistance of dry granular soil. These
factors fall into two general groups.

The first group includes those factors that affect the
shear resistance of a given soil: the void ratio of the soil,
the confining stresses, the rate of loading, etc. It is
necessary to understand the influence of these factors so
that the strength appropriate for a practical problem can
be measured. Of these factors, void ratio and confining
stress_are by far the most important. The effect of void

_ratio has already been mentioned in Chapter 10. A study
of the effect of confining stress will be the starting: point
for this chapter.

The second group includes those factors that cause the
strength of one soil to differ from the strength of another
soil, even for the same confining stress and void ratio:
the size, shape, and gradation of the particles making up
the soil. Knowledge of the effects of these factors is
important when selecting soils for embankments, dams,
pavement subgrades, etc.

11.1 EFFECT OF CONFINING STRESS

A typical program of triaxial tests to establish the
influence of confining stress on strength involves the
following steps: (a) make up two or more cylindrical
specimens of a given soil, all having the same void ratio;
(b) place the specimens within triaxial cells, and subject
each specimen to a different confining stress o,y = 0,0;
and (c) load each specimen axially, recording the resulting
vertical strains and volume changes.

The curves in Fig. 10.22, Tests 1 and 2, show typical
results from such tests. In order to make clear the
influence of the confining stress, the stress-strain curves
have been normalized with regard to the confining stress;
i.e., the value of g at any strain has been divided by o,.
The normalized curves for these two tests are very
similar in shape and magnitude. However, there are
some important trends which should be noted.

1. As o, increases, the peak normalized stress de-
creases slightly. There is a slight increase in the
strain at which this peak occurs.

2. The normalized stress in the ultimate condition is
more-or-less independent of a,,.

3. The volume increase is less in the case of the test
with the larger confining stress.

This pattern of results is explainable by two concepts.

‘First, granular soil is frictional. The resistance to
sliding at each contact point is proportional to the normal
force at that contact, and hence the overall resistance
increases as the confining stress increases.

Second, interlocking also contributes to the overall
resistance. The nature and importance of interlocking
were discussed in Chapter 10. Interlocking decreases as
the confining stress increases, because the particles
become flattened at contact points, sharp corners are
crushed, and particles break. Even though these actions
result in a denser specimen, they make it easier for shear

deformations to occur.

Thus granular soil is a frictional material, but with a
deviation from purely frictional behavior because of the
effect of confining stress upon interlocking. The soil used
to obtain the data shown in Fig. 10.22 was composed of
weak carbonate particles with a tendency for crushing
and breaking. Thus the deviation from a simple fric-
tional behavior was emphasized. For a sand composed
of quartz particles, the normalized stress-strain curves
and volume change curves would have been almost
identical for the two different confining stresses. The
deviation from pure frictional behavior is decreased by
using confimng stresses which are only slightly different
from each other, and increased by using one small and
one very large confining stress.

Mohr-Coulomb Failure Law

The strength of a soil is usually defined in terms of the
stresses developed at the peak of the stress-strain curve

137
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Fig. 11.1 Mohr envelope for a sand-gravel mixture (data from Holtz

and Gibbs, 1956).

(point Pin Fig. 10.13). Figure 11.1 shows one method of
representing strength. The data come {rom six triaxial
tests, each at a different confining stress, on a sand-
gravel mixture.

First, Mohr circles are drawn to represent the states-of-
stress at the peak points of the stress-strain curves.! The
subscripts f'denote that this is the failure condition. Then
a line is drawn tangent to the Mohr circles. This curve is
called the Mohr failure envelope, after Otto Mohr, who
first wrote about general strength theory in 1882.
The physical meaning of the Mohr envelope may be
understood from the following statements.

1. If the Mohr circle for a given state of stress lies
entirely below the Mohr envelope for a soil, then
the soil will be stable for that state of stress.

2. If the Mohr circle is just tangent to the Mohr

! For convenience, only the upper half of the Mohr diagram is
shown; the whole diagram would be symmetrical about the
horizontal axis.

Mohr envelope

envelope, then the full strength of the soil has been
reached on some plane through the soil. This
situation is shown in Fig. 11.2. The limiting stress
condition occurs on a plane inclined at an angle of
0., to the plane on which the major principle stress
is acting. This plane is called the failure plane. The
stresses on this plane are written as ¢,, and 7, the
normal stress on the failure plane at failure and the
shear stress on the failure plane at failure.

. It is not possible to have within a soil a state-of-
stress whose Mohr circle intersects the Mohr
envelope for that soil. Any attempt to impose such
a state-of-stress would result in unlimited strains,
i.e., failure. :

The Mohr envelope may be written in functional form as

Trr = Jf(07y)

4

The Mohr envelope shown in Fig. 11.1 is a curved line.

(11.1)

aecr

Failure plane

~
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Fig. 11.2  Stresses at failure.
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This is generally true for granular soils tested using a wide
range of confining stresses. The reasons for this deviation
from simple frictional behavior have been discussed
earlier in this section. However, for most calculations
regarding the stability of a soil mass, it is necessary to
use a failure relationship, that is a straight line. Thus
the strength is expressed by the Mohr-Coulomb failure
law:

Ty = ¢+ o, tan ¢ (11.2)

where c is called the cohesion or cohesion intercept, and ¢
is called the friction angle or angle of shearing resistance.

The way in which a straight line is fitted to a Mohr
envelope will depend on which range of g, is of interest.
Figure I1.3 illustrates two ways in which the Mohr
envelope of Fig. 11.1 might be fitted by a straight line.
Line A is a valid fit for o,, between 0 and 25 psi, while
line B is the best fit for o;, between 0 and 200 psi. The
values of ¢ and ¢ applicable to this sand-gravel mixture
also vary with the range of o, that is of interest. The
actual Mohr envelope for this soil passes through the

7'0[1
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origin of the Mohr diagram; the soil will not stand as a
cylinder if the confining pressure is zero. In this sense,
this sand-gravel mixture is cohesionless. However, in
order to use Eq. 11.2 over a large range of stresses, it is
necessary to use a cohesion intercept.

If the Mohr envelope for a soil were a straight line
through the origin rather than a curve, then the failure
law could be simplified to

T, = Oy tan ¢

(11.3)

Equation 11.3 has been applied to granular soils ever
since the early studies of Coulomb in 1776. However, it
is important to understand that this equation is an
approximation which is accurate only for relatively small
values of o,,. For the calcareous sand used to obtain the
data in Figs. 10.22 and 10.23, this limit is about 5 kgfcm?
(about 75 psi). For a well graded quartz sand, this limit
may be as high as 150 psi. The curvature of the Mohr
envelope is greatest for dense granular soils, and decreases
as a soil becomes looser. The Mohr envelope for the
strength in the ultimate condition apparently is quite
straight over a large range of stresses.

For most engineering problems, the stresses are small
enough that it is reasonable to use Eq. 11.3. However,
there are many problems such as high earth dams where
the strength of a dry granular soil can be satisfactorily
represented only by either-a curved Mohr envelope or by
Eq. 11.2. Another way to represent the true nonlinear
strength relation is to treat ¢ as a variable that depends
upon confining pressure, i.e., ¢ = ¢(o3,). Thus ¢ is com-
puted from the slope of the straight line drawn through
the origin and tangent to the Mohr circle representing
the stresses at failure (see Fig. 11.4). This method of
representing strength is not particularly useful when
making stability calculations, but does make it easy to
see just to what degree the strength is nonlinear with
respect to confining stress.

For those cases where Eq. 11.3 can be used, there are
simple useful relationships between ¢ and the various
stresses thaf exist at failure, and between ¢ and 0,,. These
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Fig. 11.4 Mohr envelope and friction angle for a large range of confining

pressure.
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» Example 11.1

Given. Following peak stresses from standard triaxial tests upon a dense, well-graded,
coarse quartz sand.

Value of p at Time

Confining Peak Axial Peak Value of ¢ of Peak ¢’
Pressurc Stress g, = (‘71 - ‘73) = (‘71 + 03)
7, = Oy 2t 7 .2 ; ! 2 )
(psi) (psi) (psi) (psi)
15 76 , 30.5 45.5
30 148 59 89
60 312 126 186
120 605 242.5 362.5

Find.

a. ¢ by constructing Mohr envelope.
b. ¢ using relationships in Fig. 11.5.
c. 0.

Solution.

a. See Fig. E11.1.

300 l T
Mohr envelope ~ I/_\_ -
\Y¢ =42°
- 200 v
&
& ,
100 \
0 H
0 200 400 600
agy (psi)
Fig. E11.1
b.
%1y
o Y
i Oay ¢
15 5.06 42.1°
30 4.93 41.6°
60 5.20 42.7°
120 5.05 42.1°
ave. 42.1°
c.
42.1°
0 =45°+ = 66°

cr 2 ' <




relationships are presented in Fig. 11.5. The quantity
(1 + sin ¢)/(1 — sin ¢) recurs frequently in soil mechan-
ics and is given a special symbol:

. N, = 1‘ + s?n ¢

I-—sin ¢
N, is called the flow factor. Example 11.1 illustrates the
application of these relationships to a set of data which
can be fitted quite well by Eq. 11.3. In the remainder of
this chapter, we shall use Eq. 11.3 to describe the strength

of various granular soils, thus we shall talk only in terms
of values of ¢.

(11.4)

Meaning of Mohr-Coulomb Failure Law

Equation 11.2, or the simple Eq. 11.3 which is gener-
ally used for granular soils, is at the same time one of the
most widely used and most controversial equations
encountered in soil mechanics. There can be no real
question of the validity of these equations as useful
approximations. This validity is a simple consequence
of the way in which ¢ and ¢ were defined and of the way
in which they will be used in subsequent chapters. How-
ever, the failure plane as defined previously, following
the original suggestion of Mohr, may or may not be the
plane upon which shear strains become concentrated
when the soil fails. The difference between these two
planes has occupied the attention of workers such as
Rowe (1963).

T e

91793

20, =90°+ ¢

Tg

gy + 03
2

Fig. 11.5 Relations between ¢ and principal stresses at
failure.

(‘71 - ‘73)/2

. oy — 0y
ket s =%
o)fo; — 1, 1 — a4f0y
- ooy +1 1+ osfo,
o, 1 +sing

o, 1 —sing
= tan? (45° + ¢/2) = tan?0,,

Note. For convenience, subscript f has been omitted from
0,yand oy;.
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Fig. 11.6 Results of strength tests plotted on p-g diagram.
(a) Actual data. (Data for sand-gravel mixture from Holtz
and Gibbs, 1956.) (b) Relation of g, and p, to Mohr-Coulomb
envelope.

To avoid misunderstanding, we shall in the remainder
of the book distinguish between two types of failure
plane:

1. A theoretical failure plane, or slip line, which by
definiion lies at an angle (45°+ ¢/2) to the plane
upon which the major principal stress acts.

2. An observed fuilure plane, which is the plane upon
which the shear strains are observed to be concen-
trated.

Fortunately, in sands the difference between the orienta-
tion of the theoretical and observed failure planes is not
great: it is less than 5°. In most problems the engineer
can ignore this difference. However, in later chapters we
shall encounter problems in which this difference cannot
safely be ignored.

Failure often occurs along a curved surface rather than
along a plane, and so we often will speak of a theoretical
Jailure surface (or slip surface) and an observed jailure
surface.

Use of p-g Diagram

Figure 11.6 shows an alternative way to plot the results
of a series of triaxial strength tests. The points give the
values of p and g corresponding to the peak points of the
stress-strain curves. The curve drawn through these
points is called the K -line. Just as the Mohr envelope
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for this soil is curved, so is the K -line. The K-line may
be fitted by a straight line over the stress range of interest.
For example, the straight-line fit shown in the figure is
inclined at an angle oo = 31° and intercepts the vertical
axis at @ = 4.5 psi.

Figure 11.6 also gives the simple relationships that
exist between o and ¢ and @ and ¢. Note that

_1+4sinég 1+ tanx
I —sin ¢
For the data given in this figure,

Ny

(11.5)

] —tana

é = sin™* (tan 31°) = sin™* 0.6 = 37°

These are exactly the results found in Fig. 11.3 for line B.

Thus we have two ways to find values of ¢ and ¢ from
a series of triaxial tests: (a) construct Mohr circles and
draw the Molir envelope (Fig. 11.1); or (&) plot values
of p, and g, draw the K -line, and then compute ¢ and ¢.
The choice between these two methods is largely one of
personal preference. However, when there are many
tests in the series, it will usually be less confusing to plot
the results on a p-g diagram, and, further, it will be easier
to fit a line through a series of data points than to attempt
to pass a line tangent to many circles. For these reasons,
this book will usually follow the practice of plotting the
results of triaxial tests on a p-g diagram. Example 11.2
provides another illustration of the use of the p-g diagram.

’

» Example 11.2

Given. The data in Example 11.1.
Find. ¢ by construction of a p-¢g diagram.

300 I i"‘ =340
——1~ Straight line /’
through points e /
RV AN
g ——
< L~ //
100
S
7 17 ~Stress paths
A
0 100 200 300 400
p (psi)
Fig. Ell.2
Solution.

sin ¢ = tan o« = 0.675
¢ =42.5° <«
Obtaining ¢ from Direct Shear Tests

In this form of test, only the normal and shear stresses
on a single plane are known. Hence from the test results

Tof 1. Plot gy and 7,
on horizontal plane
as measured in
direct shear test.
N2

Pointof .~
tangency \

2. Draw straight line
¢ through point (the
Mohr envelope).

\
\
\
\
\

N

f i \ ! Tg f
4. Intersection with \Y\EI Construct normal
gy axis gives cenler to Mohr envelope
of Mohr circle. through the point.

(a)
r 4. Draw tangent and
9 .
/ 1. Same as (a). Assume | measure .
a value of 3. 5. Repeat until assumed
7 and measured ¢ agree.
Point of ~
tangency
20 =90°+¢p—26
\ ] ' Ty
3. Locate center \\ 2. Assume ¢ and draw
of circle and line al angle p—26
draw circle. to vertical.
(b)

Fig. 11.7 Methods for calculating friction angle from results
of direct shear test. (a) Assuming that horizontal plane is
theoretical failure plane. () Assuming that horizontal plane
is observed failure plane.

alone, it is not possible to draw the Mohr circle giving
the state of stresses.

However, if we make the assumption that the measured
stresses at failure are in the ratio 7/o = tan ¢, then it is
possible to construct the Mohr circle (see Fig. 11.7). In
effect, we have assumed that the horizontal plane through
the shear box is identical with the theoretical failure
plane:

T = Ty "and 0 = 0Oy

This assumption has often been questioned. In many
ways it makes more sense that the horizontal plane is
actually the plane on which shear strains are at a maxi-
mum; i.e., it is an observed failure plane. On this basis,
it would be more nearly correct to represent the stresses
on the horizontal plane by points lying 260 = £2(45° +
¢/2 — 6) from the major principal stress, where d is the
difference in orientation between the theoretical and
observed failure planes (point Z’ in Fig. 11.76). How-
ever, if d is less than 5°, then the two methods of obtain-
ing ¢ give results that differ by less than 1°. This difference
is insignificant in practical engineering work.

Many comparisons have been made between the value
of ¢ from triaxial tests (based upon slope of Mohr




envelope) and the value of ¢ from direct shear tests
(based upon the construction in Fig. 11.7a). After
averaging out experimental errors in the determination
of the two quantities, it appears that ¢ from direct shear
tests-is generally greater (by perhaps 2°) than ¢ from
~ triaxial tests, especially for dense sands (e.g., see Taylor,
1939).

The direct shear test affords the easiest way to measure
the friction angle of a sand or other dry soil. It is also
very useful, although perhaps not as widely used, for
testing soils containing water.

oot
11.2 EFFECT OF INITIAL®'VOID RATIO

Figure 11.8 shows the relationship between friction
angle ¢ and the initial void ratio e, for a medium fine
sand. The relationship will of course vary from sand to
sand, but the trend of higher ¢ for denser soil is always the
same.

As*was discussed in Chapter 10, the effect of void ratio
on ¢ may be explained by the phenomenon of interlock-
ing. Other ways of looking at these same phenomena
have also been advanced. For example, the energy that
is put into a soil by the external loads is expended in two
ways: to overcome the frictional resistance between
particles and to expand the soil against the confining

stress. The denser the sand, the greater the expansion™

which tends to take place during shear. Hence more
energy (hence more force and a higher friction angle)
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Fig. 11.8 Friction angle versus initial void ratio for medium
fine sand (after Rowe, 1962).
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must be expended to shear the soil. However, both of
these explanations amount to the same thing.?

Strength of a Sand at Constant Volume

Another way to emphasize the important role of inter-
locking is to answer the question: what will happen if a
sand is prevented from changing in volume as it is
sheared?

First consider the simple situation shown in Fig. 10.17¢.
As the shear force is applied, the two plates want to move
apart vertically. In order to prevent their moving apart,
the normal force N which holds them together must
increase. Thus the result of increasing T is to increase N
but to cause very little shear displacement. As T is
increased further, the contact forces will eventually
become so large that the particles will be crushed and
fractured, and only then will large shear displacements
be possible.

Similarly, we can run a triaxial test in such a way that
the volume of the specimen remains constant. The
volume of the specimen is monitored, and the confining
pressure is adjusted to hold this volume constant. If the
sand is dense, it will be necessary to increase the con-
fining pressure by a considerable amount. This of course
means that a dense specimen which has been held under
constant volume can sustain a much greater axial stress
than a sperimen which remains under constant confining
pressure and which expands during shear. If a very loose
specimen is to be held at constant volume during shear,
it may be necessary to decrease the confining pressure as
the test progresses, and consequently the compressive
strength is decreased.

Figure 11.9 shows the results of a constant-volume test
on a dense sand. If the same sand at this same initial
density were tested at a constant confining pressure of
1 kgfem?, the compressive strength would be only
3.8 kg/em?.

The behavior at constant volume and the behavior
with constant confining pressure can be tied together as
follows. If a dense sand is to fail in shear, the high degree
of interlocking must somehow be overcome. This can
happen either (a) by shearing and fracturing of the par-
ticles, or (b) by increasing the volume. It will take more
energy to cause either of these happenings than will be
necessary simply to slide soil particles over a flat surface.
If the soil is free to expand, the path of least resistance is

? The additional energy required to overcome interlocking is
sometimes referred to as an energy correction (Taylor, 1948;
Rowe, 1962). This terminology is rather unfortunate, for there is
nothing erroneous or artificial about the large compressive strength
of a dense sand. This large strength is quite real and can be relied
upon to exist in practical problems. Engineers will have little or
no occasion to make use of energy considerations. However, these
considerations do play an important role in research aimed at
establishing the nature of shear strength. The study by Rowe
(1962) of the components of the strength of sands is especially
thorough.
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Fig. 11.9 Resulit of constant volume triaxial test on a sand
(fine sand, dense condition.) (after Bjerrum, Kringstad, and
Kummeneje, 1961.)

to expand and so to overcome the interlocking in this
way. If, however, the soil is impeded from expansion,
the path of least resistance may lie in fracturing the soil
particles.

The case of shear at constant volume is of little import-
ance when dealing with dry soils. However, this situation
will become very important when we deal with the rapid
shearing of saturated soils in Part V.

Friction Angle at the Ultimate Condition

After considerable straining of any soil, both the
devijator stress and the void ratjo achieve values that are
independent of the initial void ratio. At this condition,

the sand strains without further volume change and with
constant deviator stress.' This condition is referred to as
the ultimate (or constant volume or critical or residual)
condition. The deviator stress that exists at this condition
can be used to define a friction angle d)c,‘,:

. g, — O
sin ¢, = (_1___3
cv

0, + g

where the subscript cv stands for constant volume.

However, ¢,, is greater than ¢, the particle-to=particle
friction angle as defined in Chapter 6. Figure 11.8 pre-
sents a comparison between these two angles. We see
that there is still some interlocking when the constant
volume condition is reached. Particles must still move
up and over (or perhaps mostly around) their neighbors
as straining takes place, and on a scale equal to the
particle size there must be volume changes—both increases
and decreases. The local effects combine in such a way
that there is no volume change for the specimen of sand
as a whole. '

Thus ¢,, may be thought of as a material property,
reflecting the combined effect of ¢, plus the degree of
interlocking that can occur with zero overall volume
change during continued straining. The void ratio at the
constant volume condition, e, may likewise be considered
a material property.

(11.6)

Peak Friction Angle

As already defined, the friction angle ¢ is calculated
from the stresses existing at the peak of the stress-strain
curve. This friction angle ¢ is not a material property
but depends strongly on the void ratio that existed prior
to the application of a deviator stress. Actually, some
small volume change takes place in the sand before the
peak deviator stress is reached, but nonetheless it is
customary to plot ¢ as a function of e,.

Choice of ¢ for Engineering Practice

In most problems encountered in engineering practice.
it is not possible to tolerate large strains within a sand

Table 11.1 Types of Friction Angle to Use in Various Engineeﬁng Problems

Problem

Friction Angle

Depends Upon

Internal strength of sand
at small strains

Internal strength of sand
at very large strains Do

Sliding of sand on
smooth surface

Sliding of sand on

rough surface angle ¢,,

Peak friction angle ¢

Ultimate friction angle

Particle-to-particle
friction angle ¢,

Ultimate friction

Composition of soil;
initial void ratio;
initial confining stress

Composition of soil;
void ratio in ultimate
condition

Nature of soil mineral
and surface

Composition of soil; void
ratio in ultimate condition
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mass. Thus for most problems the value of ¢ based upon
the peak of the stress-strain curve is properly used to
represent the strength of the sand. There are some prob-
lems in which large strains occur, as when one must
evaluate the resistance encountered by a tracked vehicle
as it plows its way through a sand mass. For such
problems, it would be appropriate to use ¢, to represent
the strength of the sand.

The foregoing comments apply to the internal strength
of a sand. The engineer frequently needs to know the
frictional resistance between sand and the surface of some
structure, such as a retaining wall or pile. If this surface
is very smooth, as in the case of sand sliding on unrusted
steel, the friction angle is most likely equal to ¢, for the
sand. If the surface is at all rough, such as a typical
concrete surface, then the friction between the surfaces
probably approaches ¢,

Table 11.1 summarizes these recommendations con-
cerning the type of friction angle that should be used for
various situations. Values of ¢, have already been pre-
sented in Chapter 6. Typical values for ¢ and ¢, appear
in this chapter. Subsequent chapters which treat engin-
eering applications in detail will have still more to say
about the choice of a friction angle for use in a particular
situation. -

11.3 EFFECT OF VARIOUS LOADING
CONDITIONS

Intermediate Principal Stress

With the r:ormal form of triaxial test (specimen failed
by increasing axial stress while holding confining pressure
constant), the intermediate principal stress is equal to the
minor principal stress: o, = o, (stress path for vertical
compression loading in Fig. 9.8). As shown in Fig. 9.8,
a specimen can be failed in vertical extension, in which
case o, = 0;. !

Numerous investigators have compared the friction
angle from compression with that from extension tests,
with various results; see Roscoe (1963) et al for a sum-
mary. Mostinvestigators have concluded that the friction
angle is the same for both cases, but a few have found
that ¢ was greater, by several degrees, if 0, = 0, as com-
pared with the results for o, = o4 (as is the case in Figs.
10.20 and 10.22).

Figure 11.10 shows the results of a set of plane-strain
tests; these are tests in which the sand can strain only
in the axial direction and one_lateral direction while its
dimension remains fixed in the other lateral direction.
The friction angle from these plane-strain tests exceeded
the angle as obtained from conventional triaxial tests by
as much as 4° for the densest specimens. Little or no
difference in ¢ values was observed on loose specimens.

A plane-strain condition is often encountered in
engineering practice problems, and for many problems
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Fig. 11.10 Results of regular and plane-strain triaxial tests
(from Cornforth, 1964).

a plane-strain test is more realistic than is the triaxial
test. The authors feel that the plane-strain form of tri-
axial test~vill become increasingly popular with practicing
engineers as well as with researchers.

The reason for the increased resistance in the plane-
strain condition presumably comes about because the
soil particles are given less freedom in the ways that they
can move around their neighbors so as to overcome inter-
locking. A failure law in three dimensions is now needed.
The possible form of such a law has been discussed
numerous times (Kirkpatrick, 1957; Haythornthwaite,
1960), but the matter is still unresolved. Special testing
devices, which permit greater flexibility in the types of
loads that are applied, are needed for use in research to
clarify the nature of the three-dimensional failure law.

Failure with Decreasing Stresses

In problems such as retaining walls (under active
conditions), the soil fails as the result of decreasing
stresses rather than increasing stresses; i.e., the stress
path is more like that marked E in Fig. 8.11 or that for
vertical compression unloading in Fig. 9.8, and those for
tests 3, 4, and 5in Fig. 10.20. As indicated in Fig. 10.22,
the friction angle for unloading is virtually the same as
for loading.

Rate of Loading

The friction angle of sand, as measured in triaxial
compression, is substantially the same whether the sand
is loaded to failure in 5 millisec or 5 min. The increase
in tan ¢ from the slower to the faster loading rate is at
most 109, and probably is only 1-29] (see Whitman
and Healy, 1963). It is possible that the effect might be
somewhat greater if the sand is sheared in plane strain
or if the confining pressure is in excess of 100 psi.
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Vibrations and Repeated Loadings

Repeated loadings, whether changing slowly or quickly,
can cause ¢ to change. A loose sand will densify, with
resulting strength increase, and a dense sand can expand,
with resulting strength decrease. A stress smaller than
the static failure stress can cause very large strains if the
load is applied repeatedly (see Seed and Chan, 1961). -

Slight Amount of Moisture

Any sand, unless it has just been intentionally dried,
possesses a small moisture content. The presence of this
moisture can have some effect upon the mineral-to-
mineral friction angle (see Chapter 6). However, since
both shear tests and most practical situations really
involve either air-dry or saturated sand, the presence of
this small amount of moisture need seldom be taken into
account.

Moisture can also introduce an apparent cohesion
between particles by capillarity. In some situations, such
as in model tests, this cohesion can be a significant com-
ponent of strength. In practical problems, this small
cohesion is of no consequence.

Testing Errors

Chapter 9 mentioned some of the errors which can
develop in triaxial tests and in direct shear tests. The
common tests can give rise to an-error of as much as 2°
in the measurement of the peak friction angle . None-
theless, these tests suffice for most engineering purposes.
For careful measurement of strength and volume change
in research work, it is essential to use the improved
devices.

Summary

This section has indicated that many factors have an
influence on the friction angle of granular soils. Using
the ordinary laboratory test, the measured value of ¢ may
differ by several degrees from the friction angle actually
available within the ground, even if the initial void ratio
has.been chosen accurately. If a more accurate evalua-
tion of ¢ is needed, special care must be taken to establish
the loading condition actually existing in the ground and
to duplicate this condition in the laboratory by means of
special tests.

11.4 EFFECT OF COMPOSITION

This section considers the effect of composition on (a)
the ¢ versus ¢, relation for a small range of confining
stresses, and (b) the change in ¢ over a wide range of
confining stresses. Even when confining stresses are
limited to conventional magnitudes (less than 100 psi)
the ¢ versus e, relation falls within a broad band as
shown in Fig. 11.11. Since the value of ¢, varies rela-
tively little. between various particle sizes or various
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Fig. 11.11  Friction angle versus initial porosity for several
granular soils. ‘

minerals, these differences in ¢ for a given e, result
primarily from different degrees of interlocking.
Composition affects the friction angle of a granular
soil in two ways. First it affects the void ratio that is
obtained with a given compactive effort, and seéond it
affects the friction angle that is achieved for that void
ratio. The effect of composition might be studied either
by comparing friction angles at fixed ¢, or at fixed com-
pactive effort. Because the role of composition is most
important with regard to embankment construction the
comparisons are often made at fixed compactive effort.

Average Particle Size

Figure 11.126 shows data for five soils all having a
uniformity coefficient of 3.3, but having different average
particle sizes. For a given compactive effort, these sands
achieve different void ratios. However, the friction angle
was much the same for each sand. The effect. of the
greater initial interlocking in the sand with the largest
particles is compensated by the greater degree of grain
crushing and fracturing that occurs with the larger
particles because of the greater force per contact..

Crushing of particles, and the consequent curvature
of the Mohr envelope, is most important with large
particles, especially gravel-sized particles or rock frag-
ments used for rockfills. This is because increasing the
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particle size increases the load per particle, and hence
crushing begins at a smaller confining stress. Spurred by
the increasing popularity of rockfill dams, several labora-
tories-have constructed triaxial testing systems which can
accommodate specimens as large as 12 in. in diameter.
An apparatus that can test specimens 3.7 ft in diameter
and 8.2 ft long has been constructed in Mexico (Marsal,
1963).

Grading of the Sand

Figure 11.12a shows data for four soils all having the
same minimum particle size but different maximum
particle sizes. For comparable compactive efforts, the
better graded sand has both a smaller initial void ratio
and a larger friction angle. It is apparent that a better
distribution of particle sizes produces a better inter-
locking. This trend is also shown by the data in Table
11.2, and is further confirmed by a series of tests reported
by Holtz and Gibbs (1956).

In many soils, a few particles of relatively large size
make up a large fraction of the total weight of the soil.

Table 11.2 Effect of Angularity and Grading on Peak
Friction Angle,

Shape and Grading Loose Dense
Rounded, uniform ©30° 37°
Rounded, well graded 34° 40°
Angular, uniform 35° 43°
Angular, well graded 39° 45°

From Sowers and Sowers, 1951.

Data from Leslie (1963).

If these particles are numerous enough so that they inter-
lock with each other, it is important that these large
particles be present in the test specimen. However, if
these larger particles are just embedded in a matrix of
much smaller particles so that the shearing takes place
through the matrix, then the Jarge particles can safely be
omitted from the specimen. Unfortunately, the profes-
sion still is lacking definitive guides as to what constitutes
a satisfactory test upon a gravelly soil.

A well-graded soil experiences less breakdown than a
uniform soil of the same particle size, since in a well-
graded soil there are many interparticle contacts and the
load per contact js thus less than in the uniform soil.
Figure 11.13 illustrates that the better graded soil suffers
less decrease in ¢ with increasing confining pressure.

Angularity of Particles

It would be expected that angular particles would
interlock more thoroughly than rounded particles, and
hence that sands composed of angular particles would
have the larger friction angle. The data for peak friction
angle presented in Table 11.2 confirm this prediction.
Even when a sand is strained to its ultimate condition,
so that no further volume change is taking place and the
sand is in a loose condition, the sand with the angular
particles has the greater friction angle. In gravels, the
effect of angularity is less because of particle crushing.

Mineral Type

- Unless a sand contains mica, it makes little difference
whether the sand is composed primarily of quartz, one of
the feldspars, etc. A micaceous sand will often have a
large void ratio, and hence little interlocking and a low
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frictionangle. The smaller value of ¢, for mica compared
to that of quartz has relatively littie to do with this result.

Tests (Horn and Deere, 1962) have been carried out
using powdered mica with care taken to have the mica
flakes oriented nearly parallel. The result was a friction
angle (¢.,) of 16°, compared to ¢, = 1334°. There is some
small amount of interlocking in such a case.

Where particles of gravel are an important constituent
of soil, the origin of the gravel particles can have an
important effect. 1f the gravel particles are relatively
soft, crushing of these particles will minimize the inter-
locking effect and decrease the friction angle as compared
to a comparable soil with hard gravel particles.

Summary

The composition of a granular soil can have an
important influence upon its friction angle, indirectly by
influencing ¢, and directly by influencing the amount of
interlocking that occurs for a given e,. Table 11.3 pro-
vides a summary of data that can be used for preliminary
design. However, for final design of an embankment, the
actual soil should be tested using the void ratio and stress
system that will exist in the field.

11.5 DETERMINATION OF IN SITU ‘FRICTION
ANGLE

The results presented in the foregoing sections have
emphasized the predominant role of the degree of inter-

locking upon magnitude of the friction angle. Thus, if
we wish to determine the friction angle of a sand in situ,
it is not enough to find the nature and shape of the
particles composing the sand. It is essential to know how
tightly together these particles are packed in their ndtural
state.

It is extremely difficult to obtain samples of a"sand
without changing the porosity. Thus, except for
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Fig. 11.14 Correlation between friction angle and penetra-
tion resistance (From Peck, Hanson, and Thornburn, 1953).
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Table 11.3 Summary of Friction Angle Data for Use in Preliminary Design

Friction Angles

At At Peak Strength
Slope Ultimate —
Angle of Repose Strength Medium Dense Dense
Slope

Classification i(®) (vert. to hor.)  ¢.,(°) tang,,  (°) tan ¢ $(°) tan ¢

Silt (nonplastic) .26 lon2 26 0.488 28 0.532 30 0.577
to to to to

» 30 - 1on 175 30 0.577 32 0.625 34 0.675

Uniform fine to 26 lon2 26 0.488 30 0.577 32 0.675
medium sand to to to to

30 1 on 1.75 30 0.577 34 0.675 36 0.726

Well-graded sand 30 1 on1.75 30 0.577 34 0.675 38 0.839
to to to to

34 1 on 1.50 34 0.675 40 0.839 46 1.030

Sand and gravel 32 1 on 1.60 32 0.625 36 0.726 40 0.900
to to to to

0.726 42 0.900 48 1.110

36 I on 1.40 36

From B. K. Hough, Basic Soils Engineering. Copyright © 1957, The Ronald Press Company, New York.
Note. Within each range, assign Jower values if particles are well rounded or if there is significant soft shale or mica
content, higher values for hard, angular particles. Use lower values for high normal pressures than for moderate normal

pressure.

problems involving man-made fills, it is difficult to either
measure or estimate the friction angle of a sand on the
basis of laboratory tests alone. For these reasons,
extensive use is made in practice of correlations between
the f-iction angle of a sand and the resistance of the
natual sand deposit to penetration.

Figure 11.14 shows an empirical correlation between
the resistance offered to the standard penetration spoon
(Chapter 7) and the friction angle. Inevitably, any such
correlation is ,crude. The actual friction angle may
deviate by = 3° or more from the value given by the curve.
The given relation is intended to apply for depths of over-
burden up to 40 ft, and is conservative for greater depths.

11.6 SUMMARY OF MAIN POINTS

1. The strength of soil can be represented by a Mohr
-envelope, which is a plot of 7/, versus ¢,,. Generally
the Mohr envelope of a granular soil is curved. For
stresses less than 100 psi, the envelope usually is
almost straight so that

Ty = Oy tan ¢
where ¢ is the friction angle corresponding to the
peak point of the stress-strain curve.

2. The value of ¢ for any soil depends upon ¢, and
upon the amount of interlocking; i.e., the initial
void ratio and o,,.

3. Where sand is being subjected to very large strains,
¢, should be used in the failure law. Unless the
sand is very loose, ¢, will be less than ¢. Where
the sand is sliding over the surface of a structure, the
friction angle will vary from ¢, to ¢,,, depending on
the smoothness of the surface.

4. A knowledge of the effect of composition helps
guide the selection of materials to be used in man-
made fills

5. Materials to be used in man-made fills should be
tested using the actual range of confining pressures
which will be encountered in the fill.

. 6. For many practical problems, the friction angle of
an in situ sand deposit can be determined by indirect
means, such as the standard penetration test.

cvr

PROBLEMS

11.1 Given the following triaxial test data, plot the
results (a) in a Mohr diagram and (b) in a p-¢ diagram, and
determine ¢ by each method.




150 PART III DRY SOIL

o5 (psi) Peak o, (psi)
10 27.6
20 54.5
30 84.0
40 110.0
50 139.0
60 165.7

11.2  Suppose you had a sample of the sand used to obtain
the test results shown in Fig. 10.18. This sand is at a void
ratio of 0.7. For o3 = 20 psi, estimate:

a. The peak value of o;.

b. The ultimate value of g,.

c. The void ratio after considerable shearing.

11.3 Draw the stress path for the test on the loose speci-
men in Fig. 10.18.
~11.4 A sand with ¢ = 30" is sheared in a triaxial test with
0, = g3 = 20 psi initially. Both ¢; and o are increased, with
Ao, = Aocy/4. What is the maximum value of o; reached
during the test?

11.5 A sand with a friction angle of 40° is tested in direct
shear, using a normal stress of 50 psi. Making the simplest
possible assumption concerning the stress condition within

the shear box, determine how much shear stress must be
applied before the sand will fail.

11.6 The blow count during a standard penetration:test
upon a sand at 20-ft depth is 20 blows/ft. Estimate the
friction angle of the sand. Suppose the blow count at 40-ft
depth is exactly the same. Is the sand at 40-ft depth looser or
denser or the same density as the sand at 20-ft depth? Explain
your answer.

11.7 Suppose two sandy soils are compacted with the
same compactive effort. Sand A is uniform and has rounded
particles. Sand B is well graded with angular particles

a. Which sand will have the larger void ratio?

b. Which sand will have the larger friction angle?

11.8 Estimate the value of ¢ for the following soils.
Indicate which figures or tables you used to guide your
estimate.

a. A well-graded sand to be denscly compacted for a low
embankment.

b. A gravel, with less than 209, sand sizes to be used for a
rockfill dam 500 ft high. { ’

c. A natural deposit of fine sand, of medium density, which
is to support a building.

11.9 Derive the relations}iips given in Fig. 11.66b.
Hint. Draw a Mohr circle and show both the Mohr envelope
and K-line on this same diagram.




CHAPTER 12

~ Stress-Strain Relationships

i

Once an engineer has satisfied himself that a soil mass
is not going to fail totally, he generally must then
ascertain the amount of movement that will result from
the. application of loads and decide whether this move-
ment is permissible. To do this, the engineer requires a
stress-strain relationship for soil.

From our general study of stress-strain behavior in
Chapter 10, we know that this behavior can be very
complex. The amount of strain caused by a stress will
depend on the composition, void ratio, past stress history
of the-soil, and manner in which the stress is applied. An
equation giving the stress-strain relationship of one sand
for any loading with constant direction of principal
stresses has been developed by Hansen (1966). However,
this expression is extremely complicated. Usually it is
preferable to use formulas and data that are adapted to
the particular problem at hand.

For many problems, the best approach often is to
measure directly the strains produced in a laboratory
test using stresses that will occur in the actual soil mass.
This approach will be discussed in Chapter 14.

For other problems, it helps greatly to use concepts and
formulas from the theory of elasticity. This means that
the actual nonlinear stress-strain curves of a soil must be
“linearized”, i.e., replaced by straight lines. Then one
speaks in terms of the modulus and Poisson’s ratio of soil.
Obviously, modulus and Poisson’s ratio are not constants
for a soil, but rather are quantities which approximately
describe the behavior of a soil for a particular set of
stresses. Different values of modulus and Poisson’s ratio
will apply for any other set of stresses. Especially when
speaking of modulus, one must be very careful to specify
what is meant.

The terms tangent modulus and secant modulus arc used
frequently. Tangent modulus is the slope of a straight
line drawn tangent to a stress-strain curve at a particular
point on the curve (see Fig. 12.1). The value of tangent
modulus will vary with the point selected. The tangent
modulus at the initial point of the curve is the initial

H

tangent modulus. Secant modulus is the slope of a straight

line connecting two separate points of the curve. The

value of secant modulus will vary with the locations of

both points. As the two points come closer together, the

secant modulus becomes equal to the tangent modulus.

For a truly linear material, all of these values of modulus '
are one and the same.

12.1 CONCEPTS FROM THE THEORY
OF ELASTICITY

If we apply a uniaxial stress o, to an elastic! cylinder
(Fig. 12.1), there will be a vertical compression and a
lateral expansion such that

(12.1)

(12.2)
where

€., €,, €, = strains in the 2, ¥, z directions, respec-
tively (plus when compressive)
E = Young’s modulus of elasticity

u = Poisson’s ratio

xs

If shear stresses 7,, are applied to an elastic cube, there
will be a shear distortion such that

.
= —F 12.3
Y G (12.3)

where G = shear modulus. Equations 12.1 to 12.3 define
the three basic constants of the theory of elasticity: E,
G, and u. Actually only two of these constants are
needed, since

__E
2(1 + )

! The word “elastic” actually denotes an ability of a material to
recover its original size and shape after removal of stress. In this
book, we use the word in a more restrictive sense to mean a material
having a linear, reversible stress-strain curve.

(12.4)
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For an elastic material with all stress components Tay
actin.g, we can employ the principle of superposition to Vey = E
obtain

Tyz
1 Yvz = 2
o= [0 = lo, + o)) (12.5a) G
-
1 YVez = _&E
€ = E[av - iu'(Uz + Ua-,)] (125b)

The volumetric strain is
' AV

I ‘
©=% lo, — u(o, + 0,)] (12.5¢) _V =€, + €, + ¢,

(12.5d)

(12.5¢)

(12.5f)

(12.5g)




For the special case where ¢, = 0, = 0, = g, and
Tay = Ty = T, = 0, the volumetric strain equals

AV 3g,
— =012
v E( )

The bulk modulus B is defined as

B Y0 _. E
AVIV . 3(1 - 2uw)

(12.6)

Still another special type of modulus is the constrained
modulus, D, which is the ratio of axial stress to axial
strain for confined compression (Fig. 12.1). This modulus
can be computed from Egs. 12.5 by setting e, = ¢, = 0.
Thus

o, (12.7)

E(1 — )

= 12.8
I+ w1 — 2w (128

Uniaxial loading and confined compression involve both
shear strain and volume change. This important fact is
demonstrated in Example 12.1.

e

» Example 12.1

Find. Volumetric strain (AV/V) and maximum shear
strain during (a) uniaxial loading, (b) confined compression.
Solution.

Condition

Volumetric Shear

Uniaxial AV a,

loading 7 T ‘= teate Tmax =

= —2w)Z o,

E Ymax = %
Confined AV g, (1 —2u1)
com- VS etata 60 T =7 T
pression (1 + w1 = 2w, o, (1 —24)

= E(L — p) Ymax = E_G- 1 — &

Note. The volumetric strain becomes zero for p = 4.
Tmax OCCUTs on planes inclined at 45° to the horizontal.
¥Ymax Occurs for an element whose sides are at 45° to the
horizontal. |

For an elastic material, the foregoing equations apply
for increments of stress starting from some initial stress,
as well as for increments of stress starting from zero
stress. Example 12.2 derives equations which may be
used to find F and u from measured strains.

Ch. 12 Stress-Strain Relationships 153
> Examp'le 12.2

Given. Strains Ae, = A¢,, Ae, caused by stresses Ao, =
Ag,, Ao, upon a cylinder of an elastic material,
Find. Expressions for Young's modulus and Poisson’s
ratio.
Solution. Eqgs. 12.5a and 12.5¢ become
EAe, = Ao, — u(bo, + Ac,)
Ebe, = Ao, — 2ubo,
These may be solved to give
(Ao, + 200,)(Ao, — Ac,)
T Ao (Ae, — 2M¢,) + Ad,Ae,
Ao Ae, — Ae Ao,
" Ady(Ae, — 2A¢,) + Ad,Ac, <

"

Wave Velocities

The velocity of wave propagation, or simply wave
velocity, is defined as the distance moved by a wave in a
unit of time (Fig. 12.2). There are several different wave
velocities, each corresponding to a wave involving differ-
ent types of strain:

Rod velocity Cy, = v E/p (12.90)
Shear velocity Cg = \/E;—/—p (12.9b)
Dilatational velocity Cp, = \/—DWJ (12.9¢)

where
p = mass density, equal to y/g
g = acceleration of gravity
Cy and Cp = velocities of compressive waves for
uniaxial loading and confined
compression, respectively

Because of these simple relationships between modulus
and velocity, velocity is often measured and used to
evaluate modulus.

12.2 BEHAVIOR DURING CONFINED
COMPRESSION

Figure 10.5 gives a typical stress-strain curve for a sand
during confined compression. Since there is no lateral
strain during this test, the axial strain is exactly equal to
the volumetric strain. Example 12.3 gives values of

At time
At time ¢ t+at

Stress
14

Distance along a rod

Fig. 12.2 Meaning of wave velocity.
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» Example 12.3

Given.
Find.

a. Secant modulus from 0 to | kg/cn12, first loading.

b. Secant modulus from 1 to 8 kg/em?, first loading.

¢. Secant modulus from 1 to 8 kg/em?, second loading.

d. Secant modulus from 1 to 8 kg/em?, second unloading.
e. Tangent modulus at I kgjcm?, first loading.

Stress-strain curve in Fig. 10.5.

Solution.
Modulus

Case Ao (kgfem?) Ae (kg/cm?) (psi)
a 1 0.0078 130 1,900
b 7 0.0120 580 8,300
c 7 0.0043 1630 23,000
d 7 0.0031 2300 32,000
e’ 7 0.0298 230 3,200

¢ Measurements made along tangent line, from 1 to 8 kg/cm?.

constrained modulus as measured from this curve. The
general magnitude of the constrained modulus for a sand
should be noted, together. with the fact that the sand
becomes stiffer as it is loaded and reloaded.

As was discussed in Chapter 10, crushing and breaking
of particles become increasingly important for stresses
greater than 500 psi. Thus for large stresses the modulus
tends to become constant, or may even decrease (Fig.
12.3). The Minnesota sand was composed of hard,
rounded particles, whereas the Pennsylvania sand was
made up of softer, angular particles. The other two
curves illustrate the behavior of well-graded sands.

Initial Relative Density

As would be expected, the looser the soil the smaller
the modulus for a given loading increment. This is
illustrated by the results given in Table 12.1.

Repeated Loadings '

Figure 12.4 illustrates the increase in modulus during
successive cycles of loading. The modulus increases



Table 12.1 Secant Constrained Modulus for Severﬁl
Granular Soils during Virgin Loading

Modulus
(psi x 1079)

Ao, Aa,
from from
Relative 9 to 29 to

Soil Density 15 psi 74 psi

Uniform gravel 0 4.4 8.7
1mm < D < 5mm 100 17.0 26.0
Well graded sand "0 2.0 37
0.02mm < D < 1 mm 100 7.5 17.6
Uniform fine sand 0 2.1 5.1
0.07mm < D < 0.3 mm 100 7.4 17.4
Uniform silt 0 04 2.5
0.02mm < D < 0.07 mm 100 5.1 11.0

From Hassib, 1951.

markedly between the first.and second loadings. The
increase gradually becomes less and less during successive

cycles, and after several hundred cycles the stress-strain
curve stabilizes.

. 200
Dense Ottawa sand
175 Average for 500th P
cycle; Aoy = 5psi /]
b
150 4
—~ From ultrasonic wave 1
T velocity, Fig. 12.8 \7// Average for 5th .
= // (cycle; Acgy = 10psi
x 125
E] / 4 A A
3 100 < :
g 7 - Average for 2nd
“|cycle; Aoy = 10psi
E / / ’/ Y 1 p
£ A T
g 75 / /’ -
§ / v _-t"Average for 1st
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v 50 1“ _ -
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0
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Fig. 12.4 Increase in secant constrained modulus with suc-
cessive cycles of loading. Nore. Average curves have been
drawn through scattered data.
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Fig. 12.5 Results of confined compression test plotted as
void ratio versus stress on natural scale.

Rate of Compression

For an inijtial loading on a sand, the modulus is
affected by the time required to achieve peak stress. The
modulus may double if the loading time is 5 msec instead
of the usual several seconds (see Whitman et al., 1964).
The influence of the loading time is much ]ess durmg
subsequent cycles of a repeated loading. -

Composition

As in the case of friction angle, modulus is affected in
two ways by composition: composition affects the void
ratio for a given relative density, and then it affects the
modulus for that relative density. For a given relative
density, the modulus of an angular sand will be less than
that of arounded sand. Table 12.1 indicates the influences
of particlesizeand grading. Ingeneral, modulus decreases
as the particle size leads to a larger void ratio for a given
relative density. The effect of composition tends to dis-
appear at very large stresses and during subsequent cycles
of a repeated loading.

Alternate Methods of Protraying Data

In addition to the simple form of stress-strain curve in
Fig. 10.5, two other methods of plotting stress-strain
data are often used.

Figure 12.5 shows the results of Fig. 10.5 plotted as
void ratio versus vertical stress ¢,. The slope of the
resulting curve is defined as the coefficient of compressi-
bility a,:

de Ae

Ay = — — or a,= — — (12.10)

- do, Ac,

Figure 12.6 shows the same results plotted as vnid
ratio versus the logarithm of vertical stress. This form
of plot is useful for two reasons: (a) it is convenient for
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scale.

showing stress-strain bchavior over a wide range of
stresses; and (b) such curves usually become more-or-
less straight at large stresses. As will be seen in Part IV,
this form of plot is especially useful for clays. Figure 12.7
shows the curves of Fig. 10.4 replotted in this way. At
large stresses, the curves for the different sands tend to
fall along a common path. The siope of this type of curve
is the compression index C,:

_de __be

d(log a,) Alog a,)
C, is thus the change in void ratio per logarithmic cycle
of stress.

Still another term used to describe stress-strain
behavior in confined compression is the coefficient of
volume change m,, which is simply the reciprocal of con-
strained modulus:

c

c

(12.11)

dey

Oy

m, = n, =

12.12
Ao (12.12)

The relationships among D, m,, a,, and C, are given in
Table 12.2. The vertical strain during confined com-
pression equals Ae/(l 4 ¢,), where ¢, is the initial void
ratio. Example 12.4 illustrates typical numerical values.

» Example 12.4

Given. Stress-strain curves in Figs. 10.5, 12.5, and 12.6.

Find. Values of m,, a,, and C, for the same stresses used
in Example 12.3.

Solution. The values may be scaled from the figures. They
may be computed using the equations in Table 12.2, but this
computation is inaccurate in the case of secant values of C,,
since the choice of the average stress o, greatly allects

calculated values. :
h]

m, a,

Case (cm?/kg) (cm?/kg) C.
a 0.0078 0.0130 0.0065
b 0.0017 0.0028 0.0225
c 0.0006 0.0010 .0.0079
d 0.00045 0.00073 0.0066
e 0.0045 0.0065 0.0140

Note. C,is dimensionless; a change per logarithmic cycle
is the same for any set of units. «

Note that the compressibilities a, and m, decrease as the
stress increases, but that C, increases. The maximum
value of C, in Fig. 12.6 is 0.07.
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The stress-strain curve for an initial loading generally
resembles a parabola. Hence the stress-strain relation-
ship may be expressed as

g, = C(e,)" (12.13)

The coefficient C varies with the type of soil and its initial
void ratio. For a wide variety of soils, however, the

exponent n has been found to be very close to 2. For a
perfect packing of elastic spheres, this exponent would
be 3. The difference between the theoretical and actual
values for the exponent is the result of sliding among and
rearrangement of the particles within an actual soil.
Equation 12.13 implies that both secant modulus from
zero stress and the tangent modulus should increase as

J7

Table 12.2 Relations Between Various Stress-Strain Parameters for Confined Compression

Constrained Coefficient of Coefficient of Compression
Modulus Volume Change Compressibility Index
Constrained Ao, 1 + ¢ (1 + e4)0,,
modulus T Ae, n, b a, 0.435C,
Coefficient of 1 Ae, a4 _ 0.435C,
" volume change =7 Mo = Ao, =7 + e o = (1 + ep)o.,
Coefficient of 1+ e : _ Ae _0.435C,
compressibility “="p av =+ e, o= = Aa, v = T
Compression C - (1 + eg)o,, (I + eg)aym, 40y C = Ae
index - °0.435D ¢ 0435 ¢ 0.435 °" Aloga,

Note. e, denotes the initial void ratio. o,, denotes the average of the initial and final stresses.
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Relationship to Wave Velocity

Figure 12.8 shows typical values for dilatational wave
velocity through granular soils. The velocity typically
increases as o)-*, which according to Eq. 12.9¢ means
that constrained modulus should increase as (o,)V2.
However, the modulus as computed from measured wave
velocity using Eq. 12.9¢ generally is much larger than the
constrained modulus as measured directly in an oedom-
eter. This is illustrated by Example 12.5. The difference

» Example 12.5

Given. Wave velocity versus stress in Fig. 12.8 and
modulus versus stress in Fig. 12.4. :

Find.  Constrained modulus for stress of 20 psi. Compare
with modulus as measured directly.

Solution.  Cjy = 1900 ft/sec. Typical value for y = 105
pef, or p = 3.26 slugs/ft®.

D = pCp? =3.26 x 3.61 x 108 psf = 82,000 psi

versus 30,000 psi as measured directly. <

arises because the small stresses associated with a seismic
wave mainly cause elastic deformations of particles,
whereas the large stresses applied in an oedometer test
cause slippage between adjacent particles. This situation
has been sketched in Fig. 10.10. If very small stress
increments are used in the oedometer, then the modulus
as measured directly becomes approximately equal to the
modulus as calculated from wave velocity (Whitman
et al., 1964). Furthermore, the modulus as measured
after many cycles of loading, even using large stress
increments, is also about equal to the modulus calculated
from wave velocity (Fig. 12.4).

Hence wave velocity is not a useful direct measure of
the compressibility of a soil during a single intense Joad-
ing, but it does indicate the compressibility during

repeated loadings. This appears to be true regardless of

the frequency of the repeated loading. ’
For further discussion of wave velocity, see Hardin and

Richart (1963), Whitman (1966). ’

12.3 BEHAVIOR DURING TRIAXIAL
COMPRESSION TEST

The standard triaxial test (i.e., with constant confining
stress and increasing axial stress) gives.a direct measure
of Young’s modulus. Modulus decreases with increasing
axial stress, and at the peak of the stress-strain curve the
tangent modulus becomes zero.

* When a value of Young’s modulus is quoted for soil,
it usually is the secant modulus from zeré deviator stress
to a deviator stress equal to § or } of the peak deviator
stress. This is a common range of working stresses in ac-
tual foundation problems, since typically a safety factor of
2 or 3 is used in these problems. Example 12.6 jllustrates

» Example 12.6

Given. Stress-strain curve for test in Fig. 10.13.

Find. Secant Young's modulus for deviator stress equal to
4 of peak stress.
Solution.

Ag, at peak = 3.8 kgfcm? -
Ag, at § peak = 1.9 kg/cm?
Ae, = 0.002 -
E =950 kg/em? = 13,500 psi <

the computation of modulus from a typical stress-strain
curve. For the scale to which this curve has been plotted,

-it is difficult to tell whether or not the curve is linear or

curved up to } the peak. However, the very precise data
given in Fig. 12.9 show that the curve is nonlinear almost
from the beginning of loading.

Kondner and Zelasko (1963) suggested that the stress-
strain curves of sand in standard triaxial compression can
be fitted by a hyperbolic equation of the form

3

€1

a + be

03 — 03 =

(12.14)

where a and b are constants.

Confining Stress

As the confining stress increases, the modulus increases.
For the case where the initial stress o, is isotropic, the
modulus increases as oo™ where n varies from 0.4 to 1.0.
A reasonable average value is n = 0.5. The larger values
of the exponent tend to apply to loose sands.

In most practical probleuis, the stresses before loading
are not isotropic. The effect of the actudl state of stress
on modulus is not clear, but the best available rule is that
modulus depends on the average of the initial principal
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Fig. 12.9 Stress-strain data from a triaxial test. Nore. Medium, subangularsand: porosity = 0.39;

confining stress = 14.3 1b/in.?2 (From Chen, 1948.)

stresses; thus

EN\/‘,,,li?—If—“ (12.15)

3
where K, is the coefficient of lateral stress.at rest. Equa- .
tion 12.15 holds only when { < K; < 2 and when the
factor of safety against failure is 2 or more.

Various Factors

The effect of void ratio, composition, stress history,
“and loading rate upon E is the same as their effect upon
D. Table 12.3 indicates the general effect of void ratio and
composition on E for a first loading to one-half the peak
deviator stress. Table 12.4 gives values of E obtained

after several cycles of loading. The values in Table 12.4
Table 12.3 _Young’s Modulus for Initial Loading
Loose Dense
Angﬁlar, breakable 140 kgfecm? 350 kgfcm?
particles 2000 psi 5000 psi
Hard, rounded 560 kg/cm? 1050 kgjcm?
particles 8000 pési 15,000 psi

Note. Secant modulus to } peak deviator stress, with
1 atm confining stress.

Table 12.4 Young’s.Modulus for Repeated Loadings

Young’'s Modulus

(psi)

Soil (I atm conﬁning pressure) Loose Dense

Screened crushed quartz, fine 17,000 30,000
angular

Screened Ottawa sand, fine 26,000 45,000
rounded

Ottawa Standard sand, medium, 30,000 52,000
rounded

Screened sand, medium, 20,000 35,000
subangular

Screened crushed quartz, medium, 18,000 27,000
angular

Well graded sand, coarse, 15,000 28,000
subangular '

From Chen, 1948,

are also indicative of the initial tangent modulus and of
the modulus which is computed from rod wave velocity.

Itis of interest to compare these values of £ with those
for the minerals of which the particles of a granular soil
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Table 12.5 Poisson’s Ratio and Young’s Modulus for
Various Materials

Young’s Modulus

Material Poisson’s Ratio (psi)
Amphibolite 0.28-0.30 13.6-17.6 x 108
Anhydrite 0.30 9.8 x 10¢
Diabase 0.27-0.30 12.6-16.9 x 10°¢
Diorite 0.26-0.29 10.9-15.6 x 10¢
Dolomite 0.30 16.0-17.6 x 10¢
Dunite 0.26-0.28 21.6-26.5 x 10¢
Feldspathic 0.15-0.20 12.0-17.2 x 10¢

Gneiss
Gabbro 0.27-0.31 12.9-18.4 x 10°¢
Granite 0.23-0.27 10.6-12.5 x 10°
Ice 0.36 1.03 x 10°
Limestone 0.27-0.30 . 12.6-15.6 x 108
Marble 0.27-0.30 12.6-15.6 x 10°¢
Mica Schist 0.15-0.20 11.5-14.7 x 10°®
Obsidian 0.12-0.18 9.4-11.6 x 10¢
Oligoclasite 0.29 11.6-12.3 x 10¢
Quartzite 0.12-0.15 11.9-14.0 x 10°
Rock salt 0.25 5.13 x 108
Slate 0.15-0.20 . 11.5-16.3 x 10¢
Aluminum 0.34-0.36 8-11 x 10°
Steel 0.28-0.29 29 x 108

Values for rock computed from compressibility measure-
ments by Brace (1966) at confining stresses of 3-5
kilobars. Values for steel and aluminum from Lange
(1956). ’

are composed, and with steel and aluminum (see Table
12.5). The great compressibility of soil, the result of its
particulate nature, is evident from this comparison.

Poisson’s Ratio

Poisson’s ratio may be evaluated from the ratio of the
lateral strain to axial strain during a triaxial compression
test with axial loading. Figure 10.13 has shown values of
this ratio at various stages during a typical test. During
the early range of strains for which the concepts from
theory of elasticity are of use, the Poisson’s ratio is
varying with strain. The Poisson’s ratio for sand becomes
constant only for large strains which imply failure, and
then has a value greater than 0.5. Such a value of u
implies expansion of the material during a triaxial test
(see Example 12.1). Poisson’s ratio is less than 0.5 only
during the early stages of such a test where the specimen
decreases in volume.

Because of this behavior, it is very difficult to make an
exact evaluation of the value of x for use in any problem.
Fortunately, the value of x usually has a relatively small
effect upon engineering predictions. For the early stages
of a first loading of a sand, when particle rearrangements

are important, u typically has values of about 0.1 to 0.2,
During cyclic loading x4 becomes more of a constant, with
values from 0.3 to 0.4. The ratio of two different types
of wave velocities is often used to estimate the value of u
applicable to a cyclic loading.

12.4 BEHAVIOR DURING OTHER TESTS

Simple Shear

The shear modulus of soil finds its widest use in con-
nection with foundation vibration problems and is
generally evaluated through a measurement of shear wave
velocity. Figure 12.8 indicated the typical variation of
shear wave velocity with confining stress. Figure 12.10
shows the effect of void ratio. Factors such as composi-
tion affect Cg by influencing void ratio. Figure 12.10 can
be used for a wide variety of granular soils.

As is the case for constrained and rod modulus, the
shear modulus from a static repeated loading is for
practical purposes equal to the modulus calculated from
the wave velocity for the same initial stress. This is true
for stresses much less than those associated with failure.
The confining stress may be taken equal to

Uv
3 (1 + 2K,)

Special Triaxial Tests

In order to duplicate the.type of loading expected
within an actual mass of soil, both confining stress and
axial stress are often varied during a triaxial test. Using
the equations developed in Example 12.2, values of E
and g may still be evaluated from such a test. This is
illustrated in Example 12.7.

» Example 12.7

Given. Data for Test B, Figs. 10.21 and 10.23.

Find. E and u at end of first loading. .

Solution. The first step is to find the values of Acz = Ag,
and Ao, = Ag,,.

Ao, _Ap+Aq=152+081 =233
Ao, = Ap — Bg = 1.52 - 0.81 =0.71
The strains from this loading are
Ae, = 0.00268
Ae, = 0.00020
Then, from Example 12.2,
(2.33 +2 x 0.71)(1.62)
= 0.71(0.00268 — 0.0004) + 2.33(0.00268)
3.75(1.62)

= 0.00162+0.00625 ~ |2 kglem’
0.71(0.00268) —0.00020(2.33)

= 0.00787
0.00189—0.00047

- T 018

0.00787 <
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Fig. 12.10 Shear wave velocities through quartz sands (From Hardin and Richart, 1963).

12.5 SUMMARY OF MAIN POINTS

The concepts from the theory of elasticity apply to
soil only in a very approximate way. Nonetheless, it
is often useful to use these concepts and to use values
of modulus and Poisson’s ratio which apply approx-
imately for a particular loading. Clearly, good judg-
ment is needed when choosing values for these param-
eters.

The same factors that affect ¢ also affect modulus.
However, the effect upon modulus is more marked. Itis
difficult to estimate values of modulus with much accu-
racy, and test data for the particular soil will be necessary
whenever an accurate estimate is needed. '

Since modulus depends on void ratio, and it is difficult
to obtain undisturbed samples of granular soils, it is
especially difficult to measure the modulus of granular
soils reliably. From experience, it appears that the
second cycle of loading during a laboratory test usually
gives the best measure of in sirw modulus. Apparently
the effects of sample disturbance are compensated by the
effects of the initial loading. There are no reliable
correlations between modulus and blow count.

PROBLEMS-- -

12.1 If £ = 16,000 psi and s = 0.35, evaluate the con-
strained nmxdulus D and shear modulus G.

122 For the data given in Problem 12.1, compute the
dilatational velocity C;,, rod velocity C;, and shear velocity
Cg. Assume a value of p which is reasonable for a dense sand.

12.3 K, for a sand is found to be 0.45. Assuming that
sand is an elastic material, compute Poisson’s ratio s.

12.4  Refer to Figs. 10.21 and 10.23. For Test D, initial
loading, compute E and 4 for (a) the entire stress increment,
and (b) the increment to the first data point. First assume that
E and p can be computed as though this were an ordinary
triaxial test using Eqs. 12.1 and 12.2. Then use the equations
in Example 12.2. ,

12.5 Repeat Problem 12.4, using the results for Test A,
second loading.

12.6 Estimate Young's modulus (secant modulus to % of
failure load for a first loading) for a well-graded, subangular,
dense sand located at a depth of 200 ft below ground surface.
Hint. You will need to estimate several factors in order to
arrive at a satisfactory estimate.

12.7 Using the data in Fig. 12.10, estimate the shear
modulus at 20-ft depth of a sand having e = 0.6, G = 2.7,
K, =0.5.



- CHAPTER 13

Earth Retaining Structures and Slopes

Building on preceding chapters, this chapter considers
earth retaining structures. Several examples of retaining
structures were given in Chapter 1. Figures 1.9 and 1.15
show sheet pile bulkheads and Fig. 1.126 shows a braced
excavation. Figure 13.1 illustrates an even more common
retaining structure: a gravity retaining wall.

When designing retaining structures, an engineer often
needs to ensure only that total collapse or failure does
not occur. Movements of several inches and even several
feet are often of no concern as long as there is assurance
that even larger motions will not suddenly occur. Thus
the approach to the design of retaining structures gener-
ally is to analyze the conditions that would exist at a
collapse condition, and to apply suitable safety factors
to prevent collapse. This approach is known as limit
design and requires limiting equilibrium mechanics.

The early portions of this chapter present methods used
to analyze the stability of structures that retain dry
granular soils. There are many practical situations to
which these methods can be applied directly. Generally,
of course, water and the clay content of a soil are impor-
tant to a practical problem, but the methods developed
for dry granular soils form the basis for the methods
(presented in Parts 1V and V) used for these more com-
plicated situations. ;

There are many situations in which the movements of
retaining structures must be given serious consideration—
situations where consideration of stability only is in-
adequate for a proper design. These situations arise
especially with regard to clayey soils, but they can also
arise with sandy soils. The later sections of this chapter
consider such situations.

This chapter concludes with a brief discussion of the
stability of slopes in dry granular soils.

13.1 APPROACH TO DESIGN OF GRAVITY
RETAINING WALLS

A gravity retaining wall is typically used to form the
permancnt wall of an excavation whenever space require-
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ments make it impractical to simply slope the side of the
excavation. Such conditions arise, for example, when a
roadway or storage area is needed immediately adjacent
to an excavation. In order to construct the wall, a
temporary slope is formed at the edge of the excavation,
the wall is built, and then backfill is dumped into the
space between the wall and the temporary slope., In
earlier days masonry walls were often used. Today, most
such walls are of unreinforced concrete although other
special forms of construction are sometimes employed
(see Huntington, 1957; Teng, 1962).

Figure 13.2 shows in a general way the forces that act
upon a gravity retaining wall. The bearing force resists
the weight of the wall plus the vertical components of
other forces. The active thrust, which develops as the
backfill is placed and as any surcharges are placed on the
surface of the backfill, acts to push the wall outward.
This outward motion is resisted by sliding resistance
along the base of the wall and by the passive resistance of
the soil lying above the toe of the wall. The active thrust
also tends to overturn the wall around the toe. This over-
turning is resisted by the weight of the wall and the
vertical component of the active thrust. The weight of
the wall is thus important in two ways: it resists over-
turning and it causes frictional sliding resistance at the
base of the wall. This is why such a wall is called a
gravity retaining wall. ,

A gravity retaining wall, together with the backfill the
wall retains and the soil that supports the wall, is a highly
indeterminate system. The magnitudes of the forces that
act upon a wall cannot be determined from statics alone,
and these magnitudes will be affected by the sequence of
construction and backfilling operations. Hence the design
of such a wall is based not on an analysis to determine the
expected forces but on analysis of the forces that would
exist if the wall started to fail, i.e., to overturn or to slide
outwards.

The first step in such an analysis is to envision the
pattern of deformations that would accompany such a
failure. These patterns have been studied by means of
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Fig. -13.1 Stages in construction of typical gravity retaining wall. (a) Proposed excavation. (b) Excavation
completed. (c) Wall formed and poured. (d) Backfill placed.

smali-scale tests which simulate actual retaining walls.
Figure 13.3 shows the movements during such a test in
which granular soil is simulated by rods.? These move-
ments occurred as a support holding the wall was re-
moved. Within the backfill the soil moved toward the
wall and downward. These motions indicate that shear
failure occurred throughout this active zone; i.e., the
full frictional resistance was mobilized throughout this
zone. A seccond zone of shear failure (the passive zone)
developed at the toe of the wall where the wall was push-
ing against the soil.

Considering these patterns of deformations, an
approach to the design of gravity retaining walls can then
be stated. First, trial dimensions for the wall are selected.
Next, the active thrust against the wall is determined,
based on the assumption thatshear failure occurs through-
out the active zone. Then the resistance offered by the
weight of the wall, the shear force at the base of the wall,
and the passive zone at the toe of the wall are determined.
Finally, the active thrust and total resistance are com-
pared, and the resistance must exceed the active thrust by
a suitable safety factor.

! There are many variations of this basic technique. There have
been tests with sand contained between two glass plates. Use of
horizontal metal rods, or even toothpicks, eliminates the need for
glass side walls and the problem of friction between these walls
and the sand. X-ray techniques have been used to observe the
patterns of motion within soil masses (Roscoe et al., 1963).

The frame shown in Fig. 13.3 is used in the M.LT. laboratories
for student experiments and demonstrations (see also Fig. 13.30).
The frame is 27 in. long by 29 in. high. The rods are 6 in. long and
are of two shapes and sizes (round, } and %in. diameter; and
hexagonal, i% and % in. across flats) to simulate the interlocking
which occurs in actual soils. Using this frame, students test their
own designs for small-scale*retaining structures, thereby gaining
experience in the application of theoretical principles to design.

This approach to design will be illustrated in Section
13.6." First, however, we must consider methods for
determining active thrust and passive resistance.

132 RANKINE ACTIVE AND PASSIVE STATES

As a first step in the evaluation of active thrust and
passive resistance, we evaluate the conditions of limiting
equilibrium for the geostatic state of stress, which occurs
in a soil deposit with a horizontal surface and no shear
stresses on horizontal and vertical surfaces.

Suppose that such a soil deposit is stretched in the
horizontal direction. Any element of soil will then behave
Just like a specimen of a triaxial testin which the confining
stress is decreased while the axial stress remains constant,
as shown by the stress path in Fig. 13.4. When the
horizontal stress is decreased to a certain magnitude, the
full shear strength of the soil will be mobilized. No
further decrease in the horizontal stress is possible. The
horizontal stress for this condition is called the active

Weight

w

Active thrust
/ Pﬂ

. TRURUAVL
Passive  __,

resistance P, AR
Toe/ . \Heel

Sliding /T Bearing force

resistance T N

Fig. 13.2 Forces acting on gravity retaining wall.
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Fig. 13.3 Double exposure showing movements of “soil”
surrounding model retaining wall.

stress, and the ratio of horizontal to vertical stress is
called the coefficient of active stress and is denoted by
the symbol K,.

Figure 13.5 shows the Mohr circle for the active state
of stress.? From our analysis of the stresses at failure

% This chapter considers only cases where the failure law is 7,, =
g, tan ¢. Methods for cases where it is appropriate to use
T4 = € + 0, tan ¢ are discussed in Part 1V.

.

during a triaxial test (Section 11.1) we already know the
ratio of the horizontal and vertical stresses for this case is

K=gﬁ=c_r_q=1-—-sin¢

¢ g, o0, 1+sing

= tan® (45 f)=1—ﬂ’ﬁ (13.1)
2 14 tanax

Now let us suppose that the soil is compressed in the
horizontal direction. Any element of soil.is now injust
the condition of a triaxial specimen being failed by
increasing the confining pressure while holding the
vertical stress constant [or, if we imagine that the triaxial
specimen is placed on its side, increasing the axial stress
while holding the confining pressure constant (see Fig.
13.4)]. The horizontal stres: cannot be increased beyond
a certain magnitude called the passive stress. The ratio
of horizontal to vertical stress is called the coefficient of
passive stress K,. Figure 13.5 also shows the Mohr
circle for this state of stress, and the magnitude of X, is
given by

K =%=g_l_,=l+sinq§
7 g, 05 1—sing
= tan® (45_*_?) ___._...l_ﬂn_a (13'2)
- 2 1 —tan

Ignoring any slight difference in ¢ for the two different
stress paths (see Chapter 11) we see that K, = 1/K,.
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Fig. 13.4  Stress paths for Rankine active and passive conditions.
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Fig. 13.5 Rankine states of stress for geostatic condition.

Thus for a given vertical geostatic stress o,,, the horizon-
tal stress can be only between the limits K,0, and K,0,.
These two limiting stresses are called conjugate stresses.
The states of stress at the two extreme situations are
called Rankine states, after the British engineer Rankine
who in 1857 noted the relationship between the active
and passive conditions. The inclinations of the slip lines

/ \ ~

| 90° + ¢ N\ 90° + >
el A 1%

Ty f'

to plane on

45°+?to plane on
which o1 = g, acts

which o3 = o, acts
(o) (b)

Fig. 13.6 Orientation of slip lines for Rankine states. (a)
Active state. (h) Passive state.
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for the two limiting cases are sketched in Fig. 13.6, which
illustrates the use of the origin of planes to obtain these
inclinations. In the active condition the shear stress
opposes the effect of gravity. In the passive condition
the shear stress acts together with gravity to oppose the
large horizontal stress.

Table 13.1 gives typical values for K, and X,. If the
horizontal stretching or compressing of the soil causes
very large strains, the friction angle ¢,, should be used to
determine these coefficients. Generally, however, it is

Table 13.1 Values of X, and
K, for Rankine States of
- Geostatic Stress

¢ K, K,
10° 0.703 1.42
15° 0.589 1.70
20° 0.490 2.04
25° 0.406 2.46
30° 0.333 3.00
35° 0.271 3.66
40° 0.217 4.60
45° 0.171 5.83

appropriate to use the peak friction angle ¢. For ¢ =
30°, the theoretical failure lines will be at 60° to the
horizontal for the active case and 30° to the horizontal
for the passive case.

Strains Associated With Rankine States

The strains required to achieve active and passive
conditions may be inferred from the results of triaxial
tests such as those for tests 3 and 6 in Fig. 10.22. These
results have been replotted in Fig. 13.7. Part (a) of this
figure shows the stress paths and both the horizontal and
vertical strains; part (b) shows the horizontal strain
versus the stress ratio K. The important conclusions are:

1. Very little horizontal strain, less than —0.5%, is
required to reach the active state.

2. Little horizontal compression, about 0.5%, is re-
quired to reach one-half of the maximum passive
resistance.

3. Much more horizontal compression, about 2%/, is
required to reach the full maximum passive resist-
ance.

These results are typical for most dense sands. For loose
sands the first two conclusions remain valid, but the
horizontal compression required to reach full passive
resistance may be as large as 159,

There are two reasons why less strain is required to
reach the active condition than to reach the passive
condition. First, an unloading (the active state) always
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involves less strain than a loading (the passive state). different strains will be required to reach the limiting
Second, the stress change in passing to the active state conditions. Furthermore, most field problems involving
is much less than the stress change in passing to the retaining structures are plane strain situations, and hence
passive state, the triaxial data just presented are only indicative of those

The foregoing results apply when the initial condition applicable to actual field problems. Data from plane

is a K, condition. If initially 0,/0, # K, then somewhat strain tests are more appropriate.
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Othe'r Than Geostatic Condition

The concepts of active and passive stress, and of con-
jugate stresses, apply to many problems in addition to
the problem of horizontal geostatic stresses. For example,
consider the case where the ground surface is level but
there are equal shear stresses on all vertical planes.
These stresses can be represented as 7, = o, tan ¢,
Figure 13.8 shows the Mohr circle representation for the
Rankine active and passive conditions for this case. The
Mohr circles must satisfy the following conditions:

1. o, = yz. The shear stresses on vertical planes do
not alter this condition, since these shear stresses
cancel on opposite sides of a column of soil.

2. The shear stress on a horizontal plane equals the
given shear stress on a vertical plane but is of
opposite sign.

3. The Mohr circle must pass through the point speci-
fied by conditions 1 and 2 and must be tangent to
lines at +¢.

Careful inspection of the figure will show that the origin
of planes must lie along a line inclined at —¢,,. Then a
vertical line through the O p will intersect the line at slope
¢, at a point giving the stresses on vertical planes.
Example 13.1 illustrates the use of this construction. It

is possible to derive equations giving the conjugate
stresses for such situations (see Taylor, 1948). The form
of the equations will differ from Eqs. 13.1 and 13.2, but
the concepts remain the same.

13.3 SIMPLE RETAINING
WALL FRICTION

WALLS WITHOUT

Our next step is to consider the case of a simple re-
taining wall where () the backfill has a horizontal sur-
face; (b) the face of the retaining wall in contact with the
soil is vertical; and (c) there is no shear stress between
the 